Final Technical Report
Research Project T9233, Task 41
Seismic Vulnerability—Alaskan Way Viaduct II

SEISMIC VULNERABILITY OF TI-IE ALASKAN
WAY VIADUCT: SED TYPICAL UNIT

by
Paul Knaebel _ Marc O. Eberhard
Graduate Research Assistant : Assistant Professor
Department of Civil Engineering ~ Department of Civil Engineering
University of Washington University of Washington

Jaime De la Colina
Research Associate
Department of Civil Engineering
University of Washington

Washington State Transportation Center (TRAC)
University of Washington,
University District Building
1107 NE 45th Street, Suite 535
Box 354802
Seattle, Washington 98105-4631

Washington State Department of Transportation
Technical Monitor
Timothy M. Moore
Senior Structural Engineer

Prepared for
Washington State Transportation Commission
Department of Transportation
and in cooperation with
U.S. Department of Transportation
Federal Highway Administration

July 1995



TECHNICAL REPORT STANDARD TITLE PAGE

1. REPORT RGO 7. GOVERNMENT ACCESSION NO. 3. RECIPIENT S CATALOG MO,
WA-RD 363.3
3. TIILE AND SUBTITLE 5. REPORT DATE
SEISMIC VULNERABILITY OF THE ALASKAN WAY July 1995
VIADUCT: SED TYPICAL UNIT . PEARORMING DRGALZATIOR CODE
[ 7. ACTHOR®) ¥, PERFORMING ORGANLZATION REPORT NO.

Paul Knaebel, Marc O. Eberhard and Jaime De la Colina

7. PERFORMING ORGANLZATION NAME AND ADDRESS 10, WORK UNIT NO.

Washington State Transportation Center (TRAC) ,

| University of Washington, Box 354802 11 CONIRACT OR GRANT NO.
University District Building; 1107 NE 45th Street, Suite 5335 Agreement T9233, Task 41
Seattle, Washington 98105-4631 '
L2, SPONSORING AGENCY NAME AND ADDRESS 13. TYPE OF REPORT AND PERIOD COVERED
Washington State Department of Transportation Final technical report
Transportation Building, MS 7370 i
Olympia, Washington 98504-7370 14. SPONSORING AGENCY CODE

15. SUPPLEMENTARY NOTES

This study was conducted in cooperation with the U.S. Department of Transportation, Federal Highway
Administration. _

16. ABSTRACT

An engineering team from the University of Washington (UW) evaluated the seismic
vulnerability of the Alaskan Way Viaduct, located in Seattle, Washington. This report presents the
evaluation of a typical three-bay unit that was designed by The City of Seattle Engineering Department
(SED). The evalnation team performed response-spectrum analyses and nonlinear analyses for the
fixed-base condition. The team considered a widely used soft-soil spectrum and worst-case, site-
specific spectra. Wherever possible, the UW team evaluated the vulnerability for each failure mode
following procedures proposed by the Applied Technology Council and by researchers at the University
of California, San Diego.

The evaluation team found that the vulnerability of the Alaskan Way Viaduct exceeds that of
bridges built to current standards. The vulnerability is a result of a combination of two factors: (1) the
design ground motion would strongly excite the viaduct; and (2) many of the structural components
lack the ductility required by current standards. The following deficiencies were identified as the most
critical.

. The lower-story columns have inadequate transverse reinforcement, and could fail in shear
before they develop their flexural capacity. :

. The first- and second-story joints have inadequate confinement reinforcement, and during strong
ground motions, they could experience a diagonal-tension failure.

. If the base of the lower-story columns develop their flexural capacity, the footings could fail in
shear.

T7. KEY WORDS 1. DISTRIBUTION STATEMENT

Bridge, earthquakes, evaluation, reinforced No restrictions. This document is available to the

concrete public through the National Technical Information

Service, Springfield, VA 22616

19, SECURITY CLAGSSIF. (of this repon) 20. SECURITY CLASSIF. (of this page) 21. NO. OF PAGES ZL PRICE

None ' None ' 144




DISCLAIMER

The contents of this report reflect the views of the authors, wﬁo are responsible
for the facts and the accuracy of the data presented herein. The contents do not
necessarily reflect the official views or policies of the Washington State Transportation
Comumission, Department of Transportatié)n; or the Federal Highway Administration.

This report does not constitute a standard, specification, or regulation.



TABLE OF CONTENTS

Section

Summary

Chapter 1: Introduction

L1 COMIEXL ...cooeireiiireetisn s ssbs e e ssab e b s snsssse s s s s s s s bassssnaassannsenasas
1.2 Scope of REPOTL......coviiinrciitccsstse e s

Chapter 2: Description of the Seattle Section

2.1 On Site Inspection........c.ccoceeervene betremee it s st a e me e n e r e s n e e r s
2.2 Framing of Typical Ut ..ccooecviiireieccnreniecesreasee e ser s esasesnesessaeneas
2.3 Reinforcement of Typical Unit ...

GUIGETS .. cveec et s s ars s siassssbasss s s b s s eaba bbb s srnasnens .

Pile-Supported FOOUNES ..o ettt
2.4 Material PrOPEITIEs ....coccovviermeccrsiecrenernenicsecssenees Beveesrneenrearesannenaes

Chapter 3: Linear, Dynamic Analysis

3.1 Description of Structural Model ...........coovveveiniicennanennnnaens
3.2 -Gravity Analysis .......... ettt n s e s s r s
3.3 Modal Analysis ..o isennenne NS
3.4 Response-Spectrum AnalysiS.......coeeeeiieeivecnninenicsnsessnsnnens
Transverse DIreCHOR .......ccovevrvcrireccmnrsien e
Longitudinal Direction .......cccocevrvirimeccninciinnncssccecicnnan.
3.5 Flexural Capacity-to-Demand Ratios........ccoceeeeeruerrercernnennes
Transverse DITECHON ......ccoorerceecreeccreeceeecree e ceeenae
Longitudinal Direction ........ccceceecricnirenccsnncennecinnecsonnes

.................

-----------------

.................

Chapter 4: Nonlinear, Static Analysis

4.1 Description of AnalysiS.......ccoccveivrseriremmmscnsnsinnesssssressseesnss
4.2 Transverse Direction RESpOnse........c.covrecmnicrcnnsenrensesvnsnannen

Interior Frame ReSPONSE ......ocoeerriecevvcrinensinrcsrvrencsssssnnns

Exterior Frame Response ......c..cocvvcmiinincrcceceninnneenccnnns
4.3 Longitudinal Direction Response.......ccooeviivecnicvnvnnnnnn.
4.4 Plastic-Hinge AnalysiS.......cocercerrvvnccensnrnrisiosscssisessnesiossacs
4.5 Comparison with the WSDOT Unit......ccccoeeeeireceiricecnennen.

Chapter 5: Flexural Ductility

-----------------

.................

.................

.................

.................

-----------------

5.1 ATC-6-2 Evaluation.....cccccceeoviemrenesseceseeesseseeensensresssnmesnes
5.2 Priestley et al. (1992) Evaluanon (UCSD).uieeciaeiereeeercnnnne
Equivalent Elastic Strength, VE....cccooiviieniccenccreniecene
Base-Shear Demand, VD) oo

Global Capacity-to-Demand Ratios .......ccceeerrecreccrrnnnene.
5.3 Global Ductility DEMands ..........occuceememsemmcmersecnseenssnsinennn:



TABLE OF CONTENTS (Continued)

Section : Page -
Chapter 6: Shear 69
6.1 ATC-6-2 EVAIUALON .....oecveeereicaeeeeeeeeeeee e eeeae i 70
Transverse DIr€CHON .......c..viiienieccrr e e eecen e 72
Longitudinal DIreCtion «.c.coveuivecieiiecreeecee et eeee oo eemenn s 74
6.2 Priestley et al. (1994) Evaluation (UCSD).....oocouieiieieeeeeeees e 75
6.3 Combined Evaluation......cco.ceueeimieeereeeeieeeceeeeeeee e 76
Chapter 7: Anchorage 79
7.1 ATC-6-2 EValUAtion...c.cueeeueeerermremcecniisseeeeeeeeeeeeeeeseseseseessesesemesseeeosens 79
COLUIMNS ....vevevieceirenemre et eee et e ee e e eeeeea st see e s ees e eeeeas 81
Transverse BEAMS ......ccuuiciiecineeeerreerrretcie et et es e se e 83
Longitudinal Girders .......iccceivieeicrecneeeeer et eeeeeeeeeesesere s sess e, 83
7 2 Priestley et al. (1992) Evaluatlon (UCSD) e, 84
COIUINNS ...ttt eeee et e eeens 87
Transverse BEAMS .......covveieeiveniieeire e, 87
Longimdinal Girders ...c...eueveeeercueeceeeeeeiiieeeecee e esesesesesse e sens 88
7.3 Combined ASSESSIMENL ....oveveeeeeeeeeeeeerveeerereeereeeseans reeneretere e areear e nranataan 88
Chapter 8: Splices 91
8.1 ATC-6-2 EValuation ...ttt et 92
8.2 Priestley-et al. (1992) Evaluation (UCSD)......cccoeeeeerereeeeeeeeeeern 95
8.3 Combined ASSESSINIENT .....vveveeeereriereeeeeeeemeeeeeeeeeeeeeeseseeeserenesaens rereeeneas 96
Chapter 9: Joints : 97
9.1 Effective JOINt ATCAS ....coveeeeeeeeeieit et eee e e ee e, 97
9.2 EVAIUALON ......coervemirecereeeeereteses ers st s s seeeeee et e s s es s s seseseesesese e 9G
Chapter 10: Pile-Supported Footings 103
10,1 Pile FOICES wovvvoeerrresersensessessererssrseesseesssss s sosseseneseenss 105
10.2 Flexure .................. e e ter—raabe e aeae et ettt rareeeeenarnrre b arertee ittt neeennaenn 107
L0.3 SBEAT....ceeieceeeetcererret et e e e arans reereeaaarnns 108
10.4 Column-to-FOOtNg JOINLS .....coeervrneeerieceeereceeeeeeee e se s s eesee e 109
Chapter 11: Recommendations 111
TE ] VUInerabilities .....oooiiievenieeeecceeeee et ee s 111
Column Shear Failtre .........c.oocoieiiiineeeee e 111
Anchorage Failure.........ccoveomoeeeeeceeceee e 112
SPHCE FAIUTE .ot 112
Joint Shear Failure ... 113
Footing Failire ..cccovoreiiee e 113

iv



TABLE OF CONTENTS (Continued)

Chaptei- 11: Recommendations (Continued)

11.2 Retrofit PrOTIHES. . ..o ceeerteercirtrnssie e et sere et s n
11.3 Comparison with Typical WSDOT Umt .............................................
COLUMNS ....cooirriiirecreeeesee et ne e e ee e e een st ne e e teeverarnees
JOINLS oot s s e
Lower-Story Lap SpliCes ..ottt
FOOUDES ...ttt ettt ae st
Upper-Story Lap Splices .....ccccoimicicinciccniiniicciienesc e
Acknowledgments
References

Appendix A: Structural Drawings of Typical Section
Appendix B: Calculations of ATC-6-2 Flexural C/D Ratios
Appendix C: Calculations of all other ATC-6-2 C/D Ratios

g
oo
[4-]

113
114
115
115
115
116
116

117
119



wa—H—‘E\DOO\IO\UI-hbJNn—Lh-P-ri—H—-
[

BARULLWLLWWLLLINNN -

RN
~Iahnh

OO W= Wl —

2= VDAL L
b

LIST OF FIGURES

Page
Aerial Photograph of the Alaskan Way Viaduct ..o, 2
Single- to Double-Deck Transition (Bents 53 through 63) ........c.cceeeeee. 6
Pedestrian Undercrossing Near Bent 87 ... 7
Shear Cracks in Qutrigger Beam at Bent 56......oooovvviiiniiiniinianns 9
1.5 Inch Expansion Gap Between Units ... 11
Deck Framing of the Typical SED Unit .....crciiiiiniciviiiiininns 12
Three-dimensional Finite Element Model of the Typical SED Unit ........ 18
Gravity Moment and Shear.Diagrams - Exterior Frame ..........cccccoceee0. 20
Gravity Moment and Shear Diagrams - Interior Frame.........ccooevveiene. 21
Gravity Moment and Shear Diagrams - Longitudinal Direction .............. 23
ATC-6 Response Spectrum (0.258) ....cooverimimiieeareiiitese st 25
Seismic Moment and Shear Diagrams - Exterior Frame ... 26
Seismic Moment and Shear Diagrams - Interior Frame ... 28
Seismic Moment and Shear Diagrams - Longitudinal Direction.............. 30
Column Analysis LOCAODS .....ccviiiiiniineanrinssnnnnne s s ssasassnesesss 31
Flexural C/D Ratios for Transverse Frames ........ccocceeeeimiminicciceicnncneen. 32
Flexural C/D Ratios for a Longitudinal Frame........ccccooiimnicnmniccannnnn 33
Locations of Column Segment Ends .....c.coueeeeeee rereanresasiasaaneeansesessias 36
Lateral Force-Displacement Relations - Transverse Direction ................ 39
Moment Diagrams for Interior, Transverse Beams .........ccoooiniennnnnncn. 40
Moment Diagrams for Interior, Transverse Columns.........ccocooimnicnee. 42
Flexural Capacity/Demand Ratios for Interior Frames ..........cceeennas 43
Moment Diagrams for Exterior, Transverse Beamns ........ccccoeieieicininen, 45
Moment Diagrams for Exterior, Transverse Columns .........cccoerennene. 46
Flexural Capacity/Demand Ratios for Exterior Frames .........coocvvreecis 47
Lateral Force-Displacement Relationships for Longitudinal Frames....... 48
Moment Diagrams for Exterior, Longitudinal Girders........c.cocoeeenvenen. 50
Moment Diagrams for Longitudinal Columns ............cccoeeeeeieiiinncnnens 51
Flexural Capacity/Demand Ratios for Longitudinal Frame ..................... 52
Plastic-Hinging Mechanisms 1 through 3., 53
ATC-6-2 C/D Ratios for Transverse Confinement, Ieg .....ovovvereseensananens . 59
Site-specific ReSPONSe SPECIIUM........icceeveiisinrisesnasnesnesetnr e e sennenensons 61
Base Shear-Displacement Curves - Transverse Direction.......c.ccveeueano. 63
Variation of Shear Resistance with Ductility ......cccooeeeeervmninnieeninnnee 70
Shear C/D Ratios for Transverse Frames ... 73
Shear C/D Ratios for Longitudinal Frame.........ccooineeoiiiinineieiien 74
Lap Splices for Interior, Lower-Story Columns .......ccccooenicinviiinnnnannnn 92
Effective Joint Areas and Designations - Transverse Direction............... 98
Effective Joint Areas and Designations - Longitudinal Direction............ - 99
Footing Configurations and Plan Dimensions .......ccceveeevereierisecnessenenne 104
Typical SED Unit Footing ............ eereeeassesseeeresstasietetsecressesasarsesarrraraninnes 105

vi



LIST OF TABLES

Table Page
3.1 Computed Modal Properties ...t e 22
3.2 Story Drifts and Drift Ratios.......... eeeeeestesaeeesasseestnseeteaetenena bonneieseaneraein 27
4.1  Assumed Material Properties........cocccoveimiicnnnnrnnenesniiecnans eeesrareeseneaennes 37
4.2  Summary of Plastic-Analysis Results ..o, 54
4.3  Summary of Nonlinear ARalySes........c.ccccvreereiimninninnisinsssienessnnensessnnnnes 55
5.1 Computed Displacements . .........cocuiiiimininiecee e 65
5.2  Eguivalent Elastic Base-Shear Strengths ........cooevevierieioninininnnnannn. 66
53  Global Capacity-to-Demand Ratios.........cooeeeeieeriiiinnmeiiccnciens 66
5.4 Global Ductility Demands .......ccocoovermvnnirminirniierireniere s cnes s 67
6.1 Priestley et al. (1994) Shear Evaluation for Columns ..o, 77
7.1 Required Embeddment Lengths ..o, ereeebetan s 82
7.2 ATC-6-2 Anchorage Evaluation for Column Bars into Cap Beams ........ 82
7.3  ATC-6-2 Anchorage Evaluation for Transverse Beams..........cccccceeueeei. 82
7.4  ATC-6-2 Anchorage Evaluation for Longitudinal Girders ...................... 83
7.5 Priestley et al. (1992) Anchorage Evaluation ........ccceveeeieneereeenneiiecienen. 86
8.1 ATC-6-2 Column Splice C/D Ratios, Igs .occcerrreerinsmensunnsesrrrssisisinisssennnn 94
8.2  Priestley et al. (1992) Splice Evaluation........coceeeennicceeeenes 96
9.1 Joint-Shear C/D RaHOS .......cooviiemiccirriniincci ettt et 101
10.1 Pile Forces - Assuming Connections Have Tensile Capacity .................. 106
10.2 Pile Forces - Assuming Connections Have No Tensile Capacity............. 107
10.3 Footing Flexural C/D Ratios - Transverse Direction.........cccceeeeiniencennns 108
10.4 Footing Shear C/D Ratios - Transverse DireCtion ........ccccueerrereeurecniensensans 109
10.5 Column-To-Footing Joint Shear C/D Ratios .......ceceummvineenineenceenns 110
11.1 Priority Ratings For Retrofit Measures.........cooevonieneceine 114

vii



SUMMARY

At the request of the Washington State Department of Transportation (WSDOT),
an engineering team from the University of Washington (UW) evaluated the seismic
vuinerability of the Alaskan Way Viaduct. The viaduct is a 2.2-mile long, reinforced
cbncrete structure that runs parallel to the shore of Elliot Bay in Seattle, Washington. The
viaduct was selected for detailed evaluation for the following reasons: (1) it is an
important link in the region’s transportation network; (2) it is underlain by loose, hydraulic
fills; (3) its reinforcement details do not satisfy current code requirements; and (4) its
geometry is similar to double-deck structures that were damaged during the 1989 Loma
Prieta Earthquake. An overview of the Alaskan Way Viaduct evaluation is provided by
Kramer and Eberhard (1995).

This report presents the evaluation of a typical three-bay unit that was designed by
The City of Seattle Engineering Department (SED). A companion report by Eberhard et
al. (1995) discusses the vulnerability of the typical unit that WSDOT designed, and a third
report by Kramer et al. (1995) considers fhe viaduct’s geotechnical hazards. The results
of the geotechnical study provided the structural team with estimates of ground motions
and liquefaction potential for the various site profiles.

| The evaluation team performed linear response-spectrum analyses and houlinear-

static analyses for the fixed-base condition. The pinned-base condition was not considered
because the columns did not have longitudinal reinforcement splices at the base of the
column. The response-spectrum analysgs were computed with a three-dimensional model
of the typical unit. The team gonsidered a soft-soil spectrum (ATC-6, 1981) and worst-
case, site-specific spectra. Two-dimensional, nonlinear analyses were performed for
typical longitudinal and transverse frames. Wherever possible, the UW team evaluated the
vuinerability for each failure mode following two procedures. These procedures included |
those proposed; by the Applied Technology Council (ATC-6-2, 1983), by Priestley et al.
(1992); by Priesiey et al. (19.94); and by Thewalt and Stojadinvic (1992).

ix



The evaluation team found that the vulnerability of the Alaskan Way Viaduct

exceeds that of bridges built to current standards. The vulnerability is a result of a

combination of two factors: (1) the ground motions are likely to strongly excite the

viaduct; and (2) many of the structural components are likely to behave in a brittle manner.

The following deficiencies were identified as the most critical.

The lower-story columns have inadequate transverse reinforcement, and
would fail in shear before they developed their flexural capacity.

The first- and second-story joints have inadequate confinement
reinforcement, and during strong ground motions, they could experience a
diagonal-tension failure.

If the base of the lower-story columns deveIOp thenr flexural capacity, the
footings could fail in shear.

The typical SED and WSDOT units have similar span lengths, widths, heights,

column sizes, weights, mode shapes, and periods of vibration. However, their seismic

deficiencies are not identical because the reinforcement details and horizontal framing

configuration differ. The SED and WSDOT typicat units differ in the following ways:

The lower-story column bars were lap-spliced at the column base in the
WSDOT unit, but not in the SED unit. As a consequence, the WSDOT
columns are more likely to lose their flexural capacity at the base.

The columns of the SED unit have significantly higher flexural capacities
than those of the WSDOT unit. As a result, the SED columns are less
likely to fail in flexure, but they are more likely to fail in shear than the
WSDOT columns. -

The column bars of the WSDOT unit are anchored into the footings with
outward hooks. In contrast, the column bars of the SED unit are welded
to steel frames that are embedded into the footings.

Some of the deficiencies of the SED and WSDOT units are similar:

The upper- and lower-story joints of both the SED and WSDOT units are
vuinerable to diagonal-tension failure.

The footings of both the SED and WSDOT units are vulnerable to shear
failure.



CHAPTER 1
INTRODUCTION

1.1 CONTEXT

The Alaskan Way Viaduct, shown in Figure 1.1, is an elevated, reinforced concrete
structure that follows the shoreline of Elliott Bay in downtown Seattle. In the 1950s, the
Alaskan Way Viaduct was the main north-south arterial for the City of Seattle. The
viaduct was constructed to relieve congestion from Seattle’s streets, especially that caused
by heavy truck traffic. Today the Alaskan Way Viaduct is still an important link in
Seattie’s transportation network. Approximately 86,000 vehicles use the viaduct each
day. : .
| The Alaskan Way Viaduct was designed by two agencies; the northern two thirds
was designed by the City of Seattle Engineering Department (SED) in 1950, and the.
southern one third was designed by the Washington State Department of Transportation
(WSDOT) in 1956. The SED-designed section starts in the north as a single-level bridge,
and after one-half mile, it changes into a double-deck bridge. The SED section continues
south as a double-deck bridge for three quarters of a mile, at which point the WSDOT-
designed section begins. The WSDOT section remains a double-deck structure until it
approaches the southern abutment, where the viaduct reverts to'a single-deck structure.

The Alaskan Way Viaduct was built during the 1950s when seismic concerns were
minimal. Many bridges that were built during that time have details that are inadequate to
resist séismic loadings. For example, their columns often have inadequate transverse
reinforcement for confinement and sheér resistance, lap splice and anchorage lengths for
reinforcement are sometimes too small, and footings typically have no top reinforcement.

The viaduct was built along Seattle's waterfront because the land was flat and
because the waterfront was nearly vacant. Most businesses had moved to the south and to

Harbor Isiand where newer facilities were built. Unfortunately, the soil conditions beneath



Figure 1.1. Aerial Photograph of the Alaskan Way Viaduct
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the viaduct ‘are poor and may compound its seismic vulnerability. The location of the
existing waterfront was once part of Elliott Bay. Humans have reshaped the waterfront
many times since the late 1800s to better accommodate maritime industries. The shoreline
where the northern portion of the viaduct now exists was built up and extended into Elliott
bay in the early 1900s. The southern portion of the viaduct rests on top of mud flats from
the Duwamish River that were covered 6ver with fill. Much of the fill material came from
surrounding hills that were leveled off with water hoses, and the fill was transported to
Elliott bay as a slurry through v-vood-sta\_re pipes (I-Iershman et al., 1981). This loose,
saturated fill that underlies the viaduct has a high potential for liquefaction and may
amplify long-period ground motions. A team of geotechnical researchers at the University
of Washington has investigated these possibilities, and the results are presented in a
separate report (Kramer et al., 1995).

Recently, WSDOT began a program to evaluate the seismic vulnerability of
Washington State bridges built before 1984 and retrofit them (McLean, 1994). WSDOT
determined that the Alaskan Way Viaduct required speciél attention because of its
importance in Seattle’s transportation system. Two preliminary studies of the viaduct's
seismic vulnerability were performed: one by WSDOT (Dodson et al., 1990) and one 'by.
the University of Washington (Brown et al., .1992); Both studies concluded that a more
detailed evaluation was needed because of the bridges complex structure and surr'ounding

soil conditions.

1.2 SCOPE OF REPORT

This report presents the results of a detailed evaluation of a typical SED unit. The
results of an evaluation of the typical WSDOT unit were presented in a separate report
(Eberhard et al., 1995). The procedures that were followed in the evaluation of the
WSDOT unit were also followed in this study. The first procedure was presented by the
Applied Technology Counsel in a report titled "Seismic Design Guidelines For Highway



Bridges, ATC-6-2" (ATC, 1983). The second procedure was developed at the University
of California, San Diego (UCSD) by Priestley, Seible, and Chai (1992).

The SED unit was evaluated in both the transverse and longitudinal directions.
The base was assumed to be fixed in all cases. The fesponse spectrum from Section 5.2.2
of “Seismic Design Guidelines For Highway Bridges ATC-6” (ATC, 1981) was used in
the ATC-6-2 evaluation. The response spectrum was constructed by assuming a soil type
IIT and a peak ground acceleration of 0.25g. This was the same spectrum that was used in
the evaluation of the typical WSDOT unit (Eberhard et al., 1995). A site-specific
response spectrum was also develoﬁed by the Geotechnical researchers at the University
of Washington (Kramer et al., 1995). Both the ATC-6 and site-specific response spectra -
were used in the Priestley et al. (1992) evaluation.

Chaptér 2 deséribes the typical SED unit’s geometry, reinforcing layout, and .
material properties. The unit's details are provided in Appendix A. Observations made
from a brief on-site inspection are also presentéd in Chapter 2. Chapter 3 discusses the
threé-dimensional, linear, dynamic analysis used in the ATC-6-2 evaluation. It includes a
description of the model, results of the gravity and dynamic analysis, and computations of
the flexural capacity-to-demand ratios. Chapter 4 discusses the two-dimensional,
nonlinear, static analysis used in the Priestley et al. (1992) evaluation. Chapters 5 through
10 discuss the results of the ATC-6-2 and the Priestley et al. (1992) evaluations fof
various failure modes. These modes include confinement, anchorage, lap-splice, joint, and

footing failures. Finally, recommendations are presented in Chapter 11.



CHAPTER 2
DESCRIPTION OF THE SEATTLE SECTION

The Seattle section begins in the north at the Battery Street Tunnel and continues
south 1.3 miles. The Seattle section starts as a single-deck structure (bents 1 thru 53),
changes into a double-deck structure (bents 53 thru 63), and remains a double-deck
structure to its end (bents 63 thru 121).

The double-deck portion of the Seattle section is constructed mainly of three-bay
units. Adjacent units are separated by a 1. 5-1nch gap. Each unit is independent of the
others, except that the end columns of adjacent units share a common footmg Two
typical three-bay units make up the majority of the Seattle section’s double-deck structure. -
Both typical SED units have the same deck and footing elevati(‘)ns, and both have similar
framing systems. They differ in total span length (184-foot versus 222-foot) and in
member sizes. The 184-foot unit was chosen for the detailed evaluation because it closely
resembles the typical WSDO’f unit. Comparisons could then be made between the SED
and WSDOT units. |

The Seattle section has some atypical features along its length. The viaﬂuct
changes from a single-deck to a double-deck structure between bents 53 and 63 (Figure
2.1). The geometry of this transition zone is extremely complex. Another atypical feature
is short cantilever sections that provide clearance for pedestrian under-crossings (Figure |
2.2). The Seattle section has two pedestrian under-crossings: one between bents 69 and
70, and one between bents 87 and 88. The Seattle section's double-deck structure has one
curved section. The curved sec::ion is 406 feet long with an 800-foot radius. It consists of
one curved 184-foot unit and one curved 222-foot ﬁnit. There are also numerous deck

widenings for on- and off-ramps.



Figure 2.1. Single- to Double-Deck Transition (Bents 53 thru 63)



Figure 2.2. Pedestrian Undercrossing Near Bent 87



2.1 ON SITE INSPECTION

The researchers walked the length of the bridge to evaluate its present condition
and search for damage. With a few exceptions, the present condition of the bridge is still
very good, even after 40 years of weathering, heavy use, and one moderate earthquake
(1965).

Many cracks were visible in the Seattle section. Most of the cracks were minor
and expected. Some severe cracking was observed in outrigger beams that were used in
the single-deck to double-deck transition zones and where columns were moved outward
to avoid obstructions. Most outrigger beams had significant shear cracks. Figure 2.3
shows the extensive shear cracking ;t bent 56, which is located inthe single- to double-
deck transition zone.

Other shear cracks were present in crossbeams at the column bents. Shear cracks
extended down and outward from conduit holes towards the columns at 45-degree angles.
Most end-bent and some interi;)r-bent crossbeams had such cracks.

Some column joints also had shear cracks where crossbeams were connected.
These cracks extended from the outside of the longitudinal girders and upward at
approximately 45 dégrees. The pedestrian under-crossing_ between bents 87 and 88
provided a uﬁique opportunity to view the face of an end column 'opposite an exterior
girder. These faces are normally not visible because the end columns of abutting frames
are oh_ly 1.5 inches apart. One column at the under-érossing had similar joint shear cracks
in the face opposite the exterior girder. These cracks may have resulted from the shear
generated by unbalanced moments from both the exterior girder and the cross beam. If
similar cracks were present at other end bents, they could not be accessed.

Some exterior girders had vertical cracks at their ends where they connected to the
columns. These cracks ran the full depth of the girders and continued up into the siabs.

The cause of these cracks is unknown.
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The footings and column bases are underground and were not accessible for

inspection.

2.2 FRAMING OF TYPICAL UNIT

The three-span unit between bents 109 and 112 was selected for the detailed
evaluation. Appendix A contains the plans for this -unit.

The overall appearance of th'é typical 184-foot SED unit is similar to the WSDOT
unit; The typical unit has three continuous longitudinal bays with spans of 57 feet, 70 feet,
and 57 feet. The typical unit is 47 feet wide from center-to-center of the columns. The
roadway is 40 feet wide with 2.8-foot curbs on both sides. Figure 2.4 shows the 1.5-inch
gap that separates adjacent units from each other. A common footing shared by the end
columns of adjacent units is the only structural element connecting abuttihg sections.

The elevations of roadway decks and footings are the same for both typical
WSDOT and SED units, with one exception; the end bent footings in the SED unit are 3
feet lower than those in the WSDOT unit. Therefore, the end columns in the SED unit are
3 feet longer. The cross-sectional dimensions for the end bent columns are the same as
those fbr the WSDOT unit, 4 feet in the transverse direction and 2 feet in the longitudinal
direction. The interior bent columns are 4 feet square; 6 inches bigger in the longitudinal
direction than those of the WSDOT unit. |

Figure 2.5 shows the typical SED unit's deck framing. Large transverse beams
span between coll_lmns at the column bents. The beams at the exterior bents are
approximately half the width of those at the interior bents. Ten small transverse stﬁngers,
three in each end bay and four in the interior bay, are evenly spaced between the cross-
beams. Large exterior girders span between columns in the longitudinal direction. The
girders’ inside, vertical faces are flush with the inside faces of the columns, and the
girders’ centerlines are offset 16 inches from the columns’ centerlines. Two large,

haunched girders and one small stringer along the bridge's centerline are evenly spaced

10



Figure 2.4. 1.5 Inch Expansion Gap Between Units






between the exterior girders. The interior girders have a thickened haunch section at both
interior bents. Both SED and WSDOT units have 6.5-inch thick slabs. |

The main difference between the horizontal framing systems for the SED and
WSDOT units is how deck load is transferred to the columns. The SED unit relies on
interior longitudinal girders to transfer most of the deck load to the beams at the column
bents. In contrast, the WSDOT unit relies on intermediate transverse beams, spaced
evenly between the columns, to transfer most the deck load to the exterior longitudinal
girders.

Columns are supported by a footing and pedestal combination. The footing is 2-
1/2 feet thick, and the pedestal is 2 feet thick for a total thickness of 4-1/2 feet The
horizontal dimensions vary depending on location. The footings are supported on 14-inch

diameter, cast-in-place concrete piles, which are embedded 12 inches into the footings.

2.3 REINFORCEMENT OF TYPICAL UNIT
.

The main longitudinal reinforcement for frame members consists of square
deformed bars for the SED unit, in comparison to the round deformed. bars for the
WSDOT unit. Tran;verse reinforcements, such as stirrups and ties, are typically round
bars. Top and bottom 5/8-iﬁch diameter round bars reinforce the slabs in both directions.

Girders

The reinforcement for a typical exterior girder is shown in plan sheet 8 in
Appendix A. All longitudinal bars are 1 inch square. At the ends of the girders all three
top bars have large, 90-degree hooks into the columns, and two of four bottom bars have
smail, 180-degree hooks. The lower exterior girders have three additional l-inch square
bars in the top at the intermediate supports. Stirrups are made of 1/2-inch diameter bars
and are spaced a constant 3 feet between supports. No stirrups are used at the joints.

The typical interior girder reinforcement is shown in plan sheet 3 in Appendix A.

The majority of bars are 2 inches square, with a few I-inch and 1.5-inch square bars. Both

13



the top and bottom bars have 180-degree hooks at the girder ends. Stirrups are made of
5/8-inch diameter bars and are spaced 8 inches at the end supports and 2.3 feet at mid-
span of the end bays. Double stirrups are used near the supports. |

End Bent

Plan sheets 4 and 5 in Appendix A show the typical end bent reinforcement. The
vertical column bars are 2-inch and 1.5-inch square bars. At the bottom they are welded
to a “griilage,” a structural steel frame made of heavy angle iron that is embedded 3.75
feet into the footing. This differs from the WSDOT unit, in which the bars are hooked
outwards in the footing. The reinforcement ratio at the base of exterior columns is 2.9
percent and drops to 2.2 percent 5 feet above the footings. The ratio increases to 2.9
percent at the joints. The vertical bars are weld spliced away from the column ends, and
the splices are staggered 2 feet. This is an important difference from the WSDOT unit, in
which the bars are lap spliced at the column ends, and the splices are not staggered. The
transverse reinforcement consists of hoops spaced conﬁnuously at 12 inches, and they are
made of 1/2-inch diameter bars. The hoops are overlapped at one corner with 90-dégree
bends at the ends. .

The longitudinal reinforcement for the end bent cross-beams are mainly 2-inch
square bars, with a few 7/8-inch, 1-inch, 1.25-inch and 1.5-inch square bars. Thé top bars
have large, 90-degree hooks at the ends of the beams, while the bottom bars are not
hooked. Stirrups are made of 5/8-inch diameter bars, spaced 3 feet at mid-span of the

beams, and they are made of 3/4-inch diameter bars, spaced 7.5 inches near the ends of the

beams.

Interior Bent

The typical interior bent reinforcement is shown in plan sheets 6 and 7 in Appendix
A. All the vertical bars are 2 inch square except at the mid-height of the lower columns,

where eight of twelve bars are 1 inch square. The bars are again welded to a “grillage”

embedded in the footing. The reinforcement ratio is greatest at the base of the interior
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columns (4.2 percent). At 4 feet above the footings, the ratio, drops to 3.5 percent, and it
drops again at 7 ft above the footing to 1 percent. The ratio increases to 3.5 percent at
the joints, and to 2.1 percent at the mid-height of the upper story columns. At two
locations in the lower-story columns, 7 feet above the footings and 7 feet below the first-
story joints, eight of twelve vertical bars are spliced with 2.5-foot lap splices. The other
four bars, the four comer bars, are weld spliced at the mid-height of the upper- and lower-
story colufnns. The hoops are again made of 1/2-inch diameter Bars. They are spaced 12
inches and alternate between square and octagonal shapes.

The transverse beams are reinforced mainly with 2-inch square bars, with a few
1.25-inch and 1.5-inch square bars. The top bars are hooked at the ends of the beams, but
the bottom bars are not. Single stirrups made of 5/8-inch diameter bars spaced 3 feet are
used at mid-span, and double stirrups made of 3/4-inch diameter bars spaced 6 inches are
used near the ends of the beams.

Pile-Supported Footings

The footings have only bottom reinforcement in both directions, with bar sizes
ranging ﬁ*om 7/8-inch diameter round to 1.5-inch square. All bars are hooked 180

degrees at the ends. The footings have no vertical reinforcement, top steel, or steel

connections to the piles.

2.4 MATERIAL PROPERTIES

Heavy framing members such as columns, beams, and girders were speciﬁed to be
made of class “ES” concrete with a nominal compressive strength of 4200 psi. Slabs and
light framing members were specified to be made of class “AS” concrete, and footings
made of class “E” concrete. Both class “AS” and “E” concretes have a specified nominal

compressive strength of 3600 psi. All reinforcing steel was specified to be Structural

Grade with a yield strength of 33 ksi.

15



Following the procedures used in the evaluation of the WSDOT unit, concrete
strengths used in calculations were assumed to be 1.5 times the specified strengfhs, and ~
the steel strength was assumed to be 1.1 times the specified strength. The elastic modulus

for concrete, E, was assumed to be equal to 57,000V’ ¢
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CHAPTER 3
LINEAR, DYNAMIC ANALYSIS

To implement the ATC-6-2 assessment procedure, the ratio of the flexural capacity
to the flexural demand had to be computed at critical locations. Although bridge
components are likely to yield during strong earthquakes, the ATC-6-2 document requires
that flexural demands be computed with linear analyses. Section 3.1 describes the three-
dimensional, finite-element mode! used to perform linear analyses; Section 3.2 presents the
results of gravity analysis; Section 3.3 presents the results of modal analyses; and Section
3.4 reports the results of response-spectrum analyses.

The flexural capacity-to-demand (C/D) ratio at each location is important because
it is related to the flexural ductility demand. A flexural C/D ratio of less than 1.0 indicates
that yielding is possible and that the region is a location of potential "plastic hinging."

These ratios are reported in Section 3.5.

3.1 DESCRIPTION OF STRUCTURAL MODEL

The SAP90 finite-element program (Wilson and Habibullah, 1988) was used to
perform three-dimensional, linear analyses of the typical SED unit. Figure 3.1 shows the
three-dlimensional, finite-element mbdal. Prismatic frame elements represented the
columns, girders, beams, @d stringers. Thé roadway slabs were modeled with four—node
shell eiements that combined membrane and plate bending behavior. The nodes were
located at the bridge's physical joints. This discretization resulted in a uniform mesh for
the shell elements with plan dimensions equal to 11 feet by 13 feet. Additional nodes were
added where the column steel reinforcement changed significantly. All members were
modeled at their centerlines. Rigid links enforced compatibility at joints where member
centerlines did not intersect. The column bases were fixed for all analyses.
| The beam and column reinforcement changes frequently along the members'

lengths. Consequently, it would have been tedious to compute the transformed-section
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properties for each cross-section. As an approximation, the transformed-section moments
of inertia were assumed to be half that of the gross-section. This approximation was also
made for the WSDOT unit (Eberhard et al., 1995). Column stiffnesses at the joints were
increased by a factor of 8. |

As recommended by Priestley et al. (1992), the concrete's compressive strength
was assumed to be 1.5 times the specified compreséive strength. Although the specified
strength varied between 3600 psi and 4200 psi, the researchers assumed for simplicity that
the specified compressive strength was 3600 psi everywhere. A sensitivity analysis by

Ryter (1994) showed that linear analysis is not sensitive to variations in cdncrete
- compressive strength.

The concrete unit weight used was 150 pcf. The weights of curbs and fillets were
not included in the finite-element model. This omission helped offset the duplication of
member weights at joints. A detailed calculation found the weight of the SED unit to be
4950 kips, which compared well with the weight computed by the ﬁnite-element prograni

(5180 kips; S-percent higher than the detailed calculation). In comparison, the WSDOT
unit weighed 4800 kips.

3.2 GRAVITY ANALYSIS

A gravity analysis was performed using the three-dimensional, linear model. The
moment and shear diagrams for the exterior and interior transverse frames are shown in
Figures 3.2 and 3.3. The plotted beam moments include three contributions: (1) the
moment in the beam element at the column face, (2) moments from the slab elements, and
(3) moments due to coupled axial forces between the beam and siab elements. The shapes
of the diagrams were similar to those of the WSDOT unit in that the moments were much
larger in the upper-story than in the lower-story columns. Because the upper-story
columns were shorter and stiffer than the lower-story columns, they attracted more of the

beam moments. The column moments were much larger in the SED unit than in the
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WSDOT unit; the exterior transverse frame moments were twice as large, and the interior
frame moments were 2.5 times as large. This difference was a consequence of the
differences in framing systems. The SED unit uses interior, longitudinal girders to transfer
deck loads to cross beams at the column bents. The WSDOT unit uses intermediate,
transverse cross beams between column bents -to transfer deck loads to exterior,
longitudinal girders. It follows that the transverse gravity moments were higher in the
SED unit than in the WSDOT unit, o ,

The moment and shear diagrams for a longitudinal frame are shown in Figure 3.4.
Again, the shapes of the diagrams were similar to those for the WSDOT unit. As

expected, the moments in the exterior girders were smaller in the SED unit than in the

WSDOT unit because of the different framing systems.

3.3 MODAL ANALYSIS |

The results of the modal analysis performed by SAP90 are presented in this
section. The first three mode shapes for the SED unit were the same as the WSDOT
units. The first mode consisted of swaying motion in the longitudinal direction, the
second mode consisted of swaying motion in the transverse direction, and the third mode
was dominated by torsional motion about the center of the unit. |

The modal properties are listed in Table 3.1. The period for mode 1 was slightly

less in the SED unit than in the WSDOT unit. This difference was attributed to the higher

Tabie 3.1. Computed Modal Properties

Units . Model | Mode2 | Mode3 | Mode4
Period sec 0.86 0.77 0.71 0.22
Spectral Acceleration g 0.50 0.54 0.57 0.43
Effective Mass (transverse) % of wt. - 05.3 - -
Effective Mass (longitudinal) | % ofwt. | 954 - - -
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stiffness of the SED unit's interior columns in the longitudinal direction. The SED unit's
interior columns are 6 inches deeper in the longitudinal direction.” The period for mode 2
was nearly the same for both units.

Ninety-five percent of the mass was effective in the first two modes for each
direction, which was 4 percent less than in the WSDOT unit. The difference resulted from
adding additional nodes to the SED unit's lower story columns. The WSDOT unit's
lower-story columns had been modeled using single frame elements. The finite-element
program lumped the element masses at the nodes. Masses lumped at restrained nodes
were ignored in the analysis. In the WSDOT unit, half the mass of the lower-story
columns was lost in the analysis. Since the lost mass did not contribute to the response for
modes 1 and 2 anyway because of its proximity to the restraints, the participating mass
was unaffected by the mass lumﬁing. However, the effective mass (the ratio of the
participating mass to the total mass) increased because the total mass decreased. By
adding additional nodes to the SED unit's lower-story columns, less of the column's total
mass was lost at the restrained nodes, and therefore, the effective mass was less. This was
verified by removing the additional nodes and modeling the SED unit's lower-story

columns with single elements. By doing this, the effective mass increased to 99 percent.

3.4 RESPONSE-SPECTRUM ANALYSIS

Spectral analyses were performed in both the transverse and longitudinal
directions. The response spectrum, shown in Figure 3.5, was derived from Section 5.2.2
of “Seismic Design Guidelines For Highway Bridges, ATC-6" (ATC, 1981). The response
spectrum was constructed by assuming a soil type III and a peak ground acceleration of
0.25g. SAP90 used the Complete Quadratic Combination (CQC) method to combine
modal responses. To be consistent with the analysis of the WSDOT unit, 5 percent

damping was used in the analysis.
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Transverse Direction
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Spectral Acceleration, g
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Figure 3.5. ATC-6 Response Spectrum (0.25g)

The spectral accelerations for modes 1 and 2 were nearly the same as in the
WSDOT unit. Both were approximately 0.5g. The relative drift ratios listed in Table 3.2
were also nearly the same as in the WSDOT unit. All the ratios were less than 1 percent.

Transverse Direction

Figure 3.6 shows the moments and shears for an exterior transverse frame.
Because the CQC method does not give the directions of forces, all forces were plotted
with the same sign. The moments were largest at the ends of the lower-story columns and
at the ends of the lower-story beam. The column moments were smaliest at the bottom of

the upper-story columns.
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Table 3.2. Story Drifts and Drift Ratios

Exterior Frame Interior Frame
Transverse | Longitudinal | Transverse | Longitudinal
1st-Story Drift (ft) | 0.23 0.26 0.23 027
Story Drift Ratio | 0.61% 0.69% 0.67% 0.78%
2nd-Story Drift (ft) | 0.06 0.08 0.06 0.07
Story Drift Ratio | 0.27% 0.36% 027% . | 032%
| Overall Drift (ft) | 0.29 0.34 0.29 0.34
Overall Drift Ratio | 0.49% 0.57% 0.51% 0.60%

The computed demands were éonsistent with those obtained for the WSDOT unit.
The transverse seismic demands were generally higher in the SED unit because its mass
was 7 percent highef than that of the WSDOT unit, and the spectral accelerations in the
transverse direction were the same for both units. FmL example, the moments in the upper-
story columns of the SED unit were 4 percent larger than those in the WSDOT unit.
However, the moments in the exterior frame's lower-story columns were 10 percent less in
the SED unit than in the WSDOT unit, mainly because the end columns of the SED unit
were 3 feet longer. The beam moments of the SED unit were significantly higher (75
percent higher) than in the WSDOT unit for two reasons. First, contributions from the
slabs were included in the SED unit's beam moments and not in the WSDOT unit's.
Set:ond, there were fewer transverse beams in the SED unit to resist transverse loads.

Figure 3.7 shows the moment and shear forces for an interior transverse frame.
The force distributions were similar to those of the exterior frame, but the magnitudes
were much larger because of the interibr frame's higher stiffness. The forces were also
much higher than those of the WSDOT unit's interior frame, up to three times higher for

the beams and 25 to 30 percent higher for the columns. The beams and columns of the
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SED unit's interior frame were larger and stiffer than those of the WSDOT unit, and
therefore they attracted more seismic forces.

Longitudinal Direction

Figure 3.8 shows the moment and shear forces for a longitudinal frame. The
column moments were up to eight times higher in the interior than in the exterior columns.
The exterior columns were much more flexible because they were 3 feei longer, and they
were bent about their weak axis. The highest moment occurred at the base of the interior
columns. The girder moments were over twice as high in the lower-story than in the
upper-story. This was expected because the lower-story girders had columns both above
and below at the ends. The upper-story girders only had columns beiow, and therefore,
their end restraints were more flexible.

The seismic demands in the longitudinal direction were generally higher in the SED
_unit than in the WSDOT unit (up to 40 percent higher at the columns). This increase
resulted from the SED unit's higher mass and its higher spectral a.ccelération in the
longitudinal direction. One exception was that the forces in the lower-story exterior
columns were §maller in the SED unit than in the WSDOT unit. The exterior columns of

the SED unit were longer and, consequently, more flexible.

3.5 FLEXURAL CAPACITY-TO-DEMAND RATIOS

In the ATC-6-2 procedure it was necessary to know where yielding occurred to
evaluate the column failure modes. Flexural C/D ratios helped identify possible plastic
hinging locations. Figure 3.9 shows the locations where the columns were evaluated. The
columns were evaluated at their ends (locations 1, 4, 5, and 8), and at intermediate
locations where the column capacities drdpped significantly (locations 2, 3, 6, and 7). The
intermediate evaluation points 2, 3, 6, and 7 were located at bar cut-off points. No

allowance was made for bar development. The beams and girders were evaluated at their

ends.
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¢ ]
Figure 3.9. Column Analysis Locations

The moment demands have been presented in the previous section Member
capacities were computed using the modified Kent and Park model for confined concrete
(Park and Paulay, 1975). Strain harciening of the longitudinal reinforcement was included
in the model (Table 4.1). Capacity calculatioﬁs are discussed in detail in Chapter 4. Both
the capacities and demands for the beams included contributions from the slabs.

Transverse Direction

Figure 3.10 shows the flexural C/D ratios for the beams and columns of the typical
transverse frames. The right side columns of each frame were sﬁbject to compressive axial
forces due to seismic loading. The left side columns were subject to tensile axial forces.
The calculations of the flexural C/D ratios are presented in Appendix C.

The flexural C/D ratios for both transverse frames were similar. Féw values were
less than 1.0, indicating that the ductility demands were low in the transverse direction.
. The lower-story beams had values of rgy, ranging from 0.78 to 0.89, while the upper-story
values were all greater than 1.0. All column values were greater than 1.0 except at

locations 1 and 2, where they varied from 0.83 to 1.09. The difference in values between
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locations 1 and 2 for each column were so slight that it was uncertain which location
would yield first.

The values of rg were much higher in the SED unit's lower-story columns than the
same values for the WSDOT unit, even at the interior bent where the column demands
were 30 percent higher in the SED unit. The interior columns in the SED unit were more
heavily reinforced and had much higher capacities than those of the WSDOT unit. The
values of e} at the exterior beams were mostly higher in the SED unit. The SED unit's
exterior beams had much higher capacities because of the framing system used. The
interior beams of the WSDOT unit had values of rg, that were mostly higher than those
for the SED unit. The capacities of the interior beams in the SED unit were much higher

than those in the WSDOT unit, but the demands were also very high in the SED unit.

Exterior Frame Interior Frame
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Figure 3.10. Flexural C/D Ratios for Transverse Frames
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Longitudinal Direction .
Figure 3.11 shows the flexural C/D ratios for the beams and columns of a
longitudinal frame. The column ductility demands wel;e low. The values of rg; were less
than 1.0 at interior column locations 1, 2, and 4, where they varied from 0.81 to 0.96.
The differences between locations 1 and 2 were again small, and therefore it was not clear
which location would yield first. The values of re were all greater thaﬁ 1.0 at the exterior
columns because of their relatively higH flexibility.

In contrast to the columns, the ductility demands were high for the lowef—story
girders. The value of rap, at a lower-story girder in positive bending at an interior column
was 0.23. These girders had little positive moment reinforcement at these locations, and
the demands in the exterior girders were high because the interior girders contributedr little

to seismic resistance. The values of rp, for the upper-story girders were all greater than

or equal to 1.0.
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Figure 3.11. Flexural C/D Ratios for a Longitudinal Frame
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The flexural C/D ratios were typically higher in the columns of the SED unit's
longitudinal frame than those in the WSDOT unit. This was due to the heavier
reinforcement of the SED unit's columns. The upper-story, exterior columns of the SED
unit were the exception. Their capacity was slightly less than that in the WSDOT unit,
and therefore their rg. values were also slightly less. However, the difference was
insignificant because the upper-story columns of both units did not yield.

The values of rgy, for the exterior girders were significantly less in the SED unit
than those for the WSDOT unit. The girders of the WSDOT unit were bigger and more
heavily reinforced because they were the only main longitudinal members. In the SED
unit, the exterior girders shared the gravity loads with interior girders, and therefore the
exterior girders were designed with less capacity. Unfortunately, the exterior girders did
not share the seismic loads with the interior girders. The combination of high demands

and low capacities resulted in very low values of Tebh.
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CHAPTER 4
NONLINEAR, STATIC ANALYSIS

The assessment procedure proposed by Priestley, Seible? and Chai (1992} relies on
nonlinear, static analyses to determine the lateral force-displacement response of a
structure. The nonlinear force-displacement response of each two-dimensional seismic
resisting frame of the SED unit is presented in this chapter. Section 4.1 describes the
analysis procedure and the two-dimensional, nonlinear model. Sections 4.2 and 4.3
present the force-displacement responses for the transverse and longitudinal framés.
Section 4.4 presents the results of plastic-hinée analyses for the SED unit, and section 4.5
compares the responses of the SED and WSDOT units. All the analyses presented in this
chapter neglected the effects of other failure modes such as anchorage, splice, shear, joint,
and confinement failures. These failure modes and their effects on the response are

considered in Chapters 5 through 10.

4.1 DESCRIPTION OF ANALYSIS .

The analysis procédure was the same as that used for the WSDOT unit. A
companion report, "Seismic Vulnerability of the Alaskan Way Viaduct: WSDOT Typical
Unt," (Eberhard et al., 1995) describes the details of the analysis procedure.

The three-dimensio.nal structure was modeled in two dimensions by simplifying it .
as a set of orthogonal planar frames. Four transverse frames {two interior and two
exterior) were assumed to resist the transverse lateral loads, while two longitudinal frames
were assumed to resist the longitudinal lateral loads.

Each frame's members were discretized into enough elements to adequately model
the varying reinforcement. Moment-curvature (M-¢) relationships were determined for
each segment. The segment ends were located approximately 12 inches above or below
the bar cut-off points to account for bar development (Figure 4.1). A portion of the slab

was assumed to contribute to the flexural resistance of the beams and girders. The
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Each two—diﬁlensional frame was subjected to increasing lateral loads applied .at
the center of mass of each deck, 60 percent of the total lateral load was applied at the
upper-deck, and 40 percent was applied at the lower-deck. The lateral loads were
increased by 10-kip increments until the ultimate capacity of the frame was reached. The
analysis was then restarted at a total lateral load of 100 kips less than the ultimate

capacity, and the load was increased by 5-kip increments.

4.2 TRANSVERSE DIRECTION RESPONSE

Figure 4.2 shows the lateral force-displacement relationships- for the interior and
exterior frames. The total force capacity was found to be 1850 kips (36 percent of the
unit's weight) at an upper-deck dispiacement of 0.6 feet (a 1.1 percent drift ratio). The
total ultimate displacement was limited by the displacements of the exterior frames, and
therefore, the interior frames did not develop their full lateral force capacities of 740 kips
each. At a top-deck displacement of 0.6 feet, the lateral force carried by the interior frame
was 640 kips. As expected, the interior frame was stronger than the exterior frame
because the interior columns were shorter, wider, and more heavily reinforced at the base.
The interior frame was much more ductile because at the location of yielding (6 feet above
the footing) the interior column had a lower reinforcement ratio.

The following seétions describe the responses of the interior and exterior frames.

Interior Frame Response

Figure 4.3 shows the moment diagrams for the upper- and lower-deck beams of an
interior frame. The moments due to dead load only (DL) and due to dead load plus the
ultimate lateral-load (DL+740) are plotted along with the capacity envelopes. |

Both beams reached their negative moment capacities approximately 6 feet from
the face of the right-side column. At. this locaﬁon several negative moment reinforcement
bars in both beams were discontinued, resulting in a significant drop in the capacity. The

moment in the lower-story beam nearly reached the positive moment capacity at the face
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of the lefi-side column. At the ends of the beams the positive, moment reinforcement was
minimal because the beams were designed mainly for gravity loads. The left end of the
upper-story beam did not reach its ultimate positive moment capacity.

The column moment diagrams corresponding_ to the ultimate base shear are shown
in Figure 4.4 along with the capacity envelopes. The flexural capacities were reached at
location 2 in both lower-story columns and at location 7 in the right-side column. The
flexural capacity was -almost reached at location 3 in both columns. Location 2 was
particularly vulnerable because the longitudinal reinforcement had been spliced at that
location. |

The moment capacity at column location 2 was significantly exceeded because of
the element discretization chosen for that location. It is desirable to use short elements
within regions of yielding .because the finite-element program computes the average
moment within the element. In longer elements the difference between the maxirﬁum
‘moment and the average moment can be significant. In this case, yielding was anticipated
at the column base. Consequently, short elements were used at location 1, while relatively
long elements were used at location 2.

Figure 4.5 summarizes the extent of yielding in the columns and beams of an
interior frame. Part (a) of this figure shows the ratios of the ultimate flexural capacities
(M, to the flexural demands corresponding to the ultimate lateral force (M740). A ratio
of less than 1 indicates that the ultimate flexural capacity had been exceeded. The ultimate
flexural capacity was exceeded in the lower-story columns at location 2 and in the
negative moment region of the beams 6 feet from the face of the right-side columns. Part |
(b) shows the ratios of the yield moments (My) to M740. Extensive yielding occurred at
column location 2, in both beams 6 feet from the face of the right-side columns and in both
bearxis at the face of the left-side columns. A companson of Figures 4.5(a) and 4.5(b)
shows that the beams yielded first and underwent significant strain hardening before they

reached their ultimate capacities. The columns vielded only after the beam reinforcement
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began to strain harden. This behavior resulted from the fact that My/M, was lafge for the
beams.

Part (c) shows the ratios of the yield curvatures (d)y) to the average curvature
demands corresponding to the ultimate lateral force (®740). The inverse of this ratio is
the curvature ductility demand. The curvature ductility demands were highest in the
beams and at column location 2. This figure -indicates that the collapse mechanism
consisted of plastic hinges in the beams and at {ocation 2 of both columns.

Exterior Frame Response

Figure 4.6 shows the moment diagrams for the upper- and lower-story beams of an
exterior frame. The moments due to dead load only and due to dead load plus the
ultimate lateral load (DL + 285) are plotted along with the capacity envelopes. The beams
did not reach their ultimate moment capacities because the analysis stopped when the base
of the right column reached its curvature capacity.

The column moment diagrams are shown in Figure 4.7. The ultimate moment
capacity was reached at location 1 of the right-side column. The moment at location 2 of
the same column was very close to reaching its ultimate capacity. Because of
uncertainties in the analysis, it is unclear which location would have actually reached its
capacity first. The left-side lower-story column and the upper-story columns did not reach
their ultimate capacities.

Figure 4.8 summarizes the flexural demands for the columns and beams of an
exterior frame. Part (a) shows that the ultimate flexural capacity was reached at locations
1 and 2 of the right-side column. Part (b) shows that yielding occurred at column
locations 1 and 2, in each beam at 6 feet from the face of the right-side columns and in
éach beam at the face of the left-side columns. Part (c) shows that the curvature ductility
demands were highest in the beams and at the base of the columns. The failure mechanism
for an exterior frame was similar to that of an interior frame, except that yielding in the

interior frames' columns was concentrated at location 2.

44



Bending Moment [kip-ft)

Bending Momaent [kip-ft)

14,000
12,000
10,000

8,000 }
8,000 }

4,000
2,000

2,000
-4,000
-6,000
-8,000
-10,000

14,000
12,000
10,000
8,000
6,000

2,000

-2,000 }
-4.000 |
4000 t
8,000 }

-10,000

3 Coiumn Face (Typ.)
| (+) Moment Capacity
; Mowas | v L
| ---% #ﬁ-- fem a-e .
i — | ‘\—(-) Moment Capacity l—
r .
+] 5 10 15 20 25 30 35 40 45
Distance [ft]
a) Upper-Story Beam
L Column Face (Typ.)
: /— {+) Moment Capacity
i ’ .
t - | - Mu’m - & m -‘-—.Mu_----
— ‘\— (~) Moment Capacity

o 5 10 15 20 25 30 35 40 45

Distance [ft]

b) Lower-Story Beam

Figure 4.6. Moment Diagrams for Exterior, Transverse Beams

45



SULINGOY) ISI2ASURL], “JOLIAXY 10) sweideicy wauwio ' 2Indiyg

09z¢e 0§sZ
- Ll
081t : ln
1 2 ’ A
i .m | | .
| m | 1J-dry ut siuswop | I
| | | “
I | 1
| m SNy 68T = A _
| _‘/ . ||\‘_ !
81 m | (dA 1) Lnoedey) wswop srewnn ! |
Gl ¥ ] I
= ~ < |
o
) _ .
| _ _
| I |
! _ _
! ) “
r~
081t 1 |"
L~ nl -
‘lal weag 19Mo
000E ™77
]
}
pal
W_
I
I
_I_
00o0g |

weag saddn

46



Exterior Bent
Base Shear = 285 Kips

Columns Beams
1.33 142
2.17 137
1.98 1.43
278 3.5
. 443 17.7 166 1.20
1.65 141
1.7% 1.64
L12 I 1.01
118 058
a) Ratios —2u
285
Cohunns Beams
0.99 0.79
161 . ‘ L4 * A
146 122
206 3.0t
3.28 14.7 '0-!9 &sv
1.24 4 121
1.37 1.54
0.88 I 0.95
0.91 0.8
b) Ratios —aY.
285
Columm Beams
. 0.22 0.077
162 | | 118 d e
1.50 132
1.94 2.50
316 107 0.17 0.063
| 4
133 _ 1.25 hd
1.50 - piez)
0 Loz
0.23 ® con
¢) Ratios %l—
285

Figure 4.8. Flexural Capacity/Demand Ratios for Exterior Frames

47



4.3 LONGITUDINAL DIRECTION RESPONSE

The lateral force-displacement relationships for the longitudinal frames are shown
in Figure 4.9. The total force capacity was found to be 1500 kips (28 percent of the unit's
weight) at an upper-deck diéplacement of 1.5 feet (a 2.8 percent dnft ratio). The total
lateral force capacity was 20 percent less in the longitudinal direction than in the
transverse direction for two main reasons. First, the girders were relatively weak in
comparison to the transverse beams, and second, in the longitudinal direction the exterior
columns were bent about their weak axis. The exterior columns ﬁere relatively flexible
and ductile about their weak axis, and therefore, they did not limit the ultimate lateral
displacements as they did in the transverse direction. As a result, the ultimate drift ratio in

the longitudinal direction was 2.5 times higher than in the transverse direction.

B
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Figure 4.9. Lateral Force-Displacement Relationships for Longitudinal Frames
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The moment diagrains corresponding to the ultimate base shear of 1500 kips arel
shown for the top and bottom girders in Figure 4.10. All girdefs reached their negative
moment capacities at their right ends, while only the two right-side girders reached their
positive moment capacities approximately 10 feet from the face of the interior columns.
The moments were close to the positive moment capacities in both middle girders 6 feet
from the face of the left interior columns and in both left-side girders 2 feet from the face
of the exterior columns.

The column moment diagrams corresponding to the ultimate base shear are shown

“in Figure 4.11. The moment capacities were reached at location 2 of the interior columns.
The right-side exterior columns were close to reaching their capacities at locaﬁons 1,2,
and 8. All other column locations did not reach their capacities.

Figure 4.12 summarizes the flexural demands for the columns and beams of a
longitudinal frame. Part (a) shows that the ultimate capacities were reached at location 2
of both interior columns and at various girder locations. Parts (b) and (¢) show that
yielding occurred at locations 1 and 2 of each column and in each girder. The highest

curvature ductility demands occurred in the girders and at location 2 of the interior

columns.

4.4 PLASTIC-HINGE ANALYSIS

Plastic-hinge analyses were conducted to compute the yield and ultimate capacities
of each lateral frame. The capacities of each frame were computed using the three failure
mechanisms shown in Figure 4.13. Mechanism 1 consisted of plastic hinges at the ends of
the lower-story columns. Mechanism 2 consisted of plastic hinges at column locations 2
and 3. Mechanism 3 consisted of plastic hinges in the beams or girders and at either
column location 1 or 2, depending on whichl resulted in the lowest capacity. The hinge

locations in the beams and girders were selected on the bases of the results of the

nonlinear analyses.
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CHAPTER 5
FLEXURAL DUCTILITY

Structural memBers must have flexural ductility to withstand the inelastic
deformations caused by earthquakes. Flexural ductility is the ability to deform beyond
yielding of the longitudinal reinforcement without significant loss of strength. Ductility
can be achieved by using properly detailed transverse reinforcement, such as hoops or
spirals.

Properly proportioned transver.se reinforcement provides confining stresses that
enhance the core concrete's compressive strength. The transverse reinforcement also
helps prevent the longitudinal reinforcement from buckling after the concrete cover has
spalled off. Typically, the concrete cover spalls off between ductility levels 2 to 3.

Older bridges often have too little transverse reinforcement, and it is often
inadequately anchored into the column core. Inadequate transverse reinforcement can
lead to core crushing and longitudinal reinforcement buckling.

The following sections present flexural ductility evaluations of the typical SED unit
that were conducted with both the ATC-6-2 procedure (Section 5.1) and the Priestley et
al. (1992) procedure (Section 5.2). Results from both the linear and nonlinear analyses

contribute to an evaluation of the global ductility demand imposed on the unit (Section

5.3).

S.1 ATC-6-2 EVALUATION
The ATC-6-2 procedure evaluates the adequacy of confinement by computing the
confinement C/D ratio, rc, at each column location (ATC, 1983). The confinement C/D |
ratio is defined as the product of the flexural C/D ratio (Chapter 3) and the ductility
capacity, p.
Tee = Wec (5.1)
The ductility capacity is defined by the following equation:
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y=z+4(k‘;b)k3 ' (5.2)

where,
ki= A"(")l <<l (53)
Asa(d)(O.S + m)
ko = J <lor — < 1, whichever is smaller (5.4)

s/dp /b min
k3 = effectiveness of transverse bar anchorage (ATC, 1983)
.P. = axial force on column from analysis
Agp = gross section area of column
bmin = minimum width of column cross section
Agh(c) = area of existing transverse confinement
Agh(d) = maximum of30ah Pe/fy [Ag/Ac-1]
or 0.12a h fc/fy
A = area of concrete core
h = core dimension of column in direction of shear
a = vertical spacing of hoops.
According to Equation 5.2, all columns have a minimum ductility of 2, regardless of the
size, spacing, and anchorage of the transverse reinforcement. This reflects observations
that all columns can achieve a ductility of at least 2 before the concrete cover spalls off
(Priestley et al,, 1992). It follows that, if re¢ exceeds 0.5, the value of e will be greater
than 1.0.
Figure 5.1 summarizes the values of r for each column of the SED unit. All
values greatly exceeded 1.0 because the flexural C/D ratios greatly exceeded 0.5 (Section
3.5). The ductility capacities, p, were found to be relatively low (between 2.4 and 2.7)

because the transverse reinforcement was inadequately anchored.
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Figure 5.1 ATC-6-2 C/D Ratios for Transverse Confinement, r¢

As discussed in Chapter 3, the flexural C/D ratios were typically larger in the SED
unit than in the WSDOT unit, especially at the base of the lower-story columns. The
ductility capacities were similar for both units, even though the transverse reinforcement
consisted of #4 bars spaced 12 inches in the SED unit and #3 bars with the same spacing

in the WSDOT unit. The difference in bar sizes did not affect the resuits because the bars
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were inadequately anchored in both units. As a result, the confinement C/D ratios were

typically higher in the SED unit than in the WSDOT unit.

S.2 PRIESTLEY ET AL. (1992) EVALUATION (UCSD)

The Priestley et al. (1992) procedure evaluates the adequgcy of confinement by
computing a global C/D fatio. The global C/D ratio is the ratio of the equivalent elastic
base shear strength (VE) to the base shear demand (Vp). The values of VE are
determined from the nonlinear force-displacement relationships, and the values of Vp are
computed from both the ATC-6 and the site-specific response‘spectra. The ATC-6
response spectrum is shown in Figure 3.5, and the site-specific response spectrum is -
shown in Figure 5.2. | The effects of transverse reinforcement are accounted for in the
nonlinear analyses.

Equivalent Elastic Strength, Vg

The equivalent elastic strength (VE) of the unit was assumed to be the product of
the unit's eiastic stiffness and ihe ultimate displacement at the center of mass (Figure 5.3).
This assumption is consistent with the observation that the maximum linear and nonlinear
displacements are nearly equal for long-period structures. The elastic stiffness was defined
as the line that passes through the origin and the yield point of the force-displacement
relationship. The yield base shear was assumed to be 75 percent of the ultimate lateral
strength. These criteria were the same as those used to evaluate the WSDOT unit
(Eberhard et al., 1995).

Figure 5.3 shows that VE is sensitive to variations of the ultimate displacement. In
turn, Eberhard et al. (1995) found that the ultimate displacement cOmputed with nonlinear
analysis was sensitive to the element lengths within the plastic-hinging region. As an
alternative to the nonlinear analysis, the ultimate displacement was computed with plastic-
hinge analyses similar to those described in Chapter 4. Mechanism 3 (Figure 4.2) was

assumed to be the controlling failure mechanism for each frame. The total lateral
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location 2 of the right column. Both plastic analyses predicted displacements that were 25
to 30 percent smaller than the nonlinear displacement. The displacement computed by the
Corley method was 15 percent higher than that computed by the Park and Priestiey
method. _

For the exterior frame, all three methods predicted failure at location 1 of the right
column. The displacements predicted by both plastic analyses were 30 to 40 percent
higher than the nonlinear displacement. The Park and Priestley displacement was 5
percent higher than the Corley displacement. |

For the longitudinal frame, -the nonlinear method predicted failure at location 2 of
the interior columns, whereas the plastic analyses predicted failure at the bottom left girder
at the face of the interior column. The plastic-hinge d_isplacements were 35 to 40 percent
less than the nonlinear displacement. |

To be consistent with the e_valuation of the WSDOT unit and with the Priestley et.
al. (1992) procedure, Vg was computed with the displacements from the Park and
Priestley plastic-hinge analysis. The results of the Vg calculations are listed in Table 5.2
The spectral acceleration capacities computed by dividing Vg by the mass are also listed in
Table 5.2. The stiffness in the transverse direction was significantly higher than in the
longitudinal direction, but the ultimate displacements were very close. As a-result, the
equivalent elastic strength in the transverse direction was 60 percent higher than in the
longitudinal direction.

Base-Shear Demand, Vp

The periods for each direction were computed from the lateral stiffnesses fisted in
Table 5.2 and from the total mass of the structure. The computed values are listed in

Table 5.3. These periods were slightly higher than those computed with the three-



Table 5.1 Computed Displacernents

Parameter  Nonlinear Corley Priestley
Analysis and Park
Ay [in] 3.0 - -
Transverse, Ip‘ [in.] - 23.0 18.5
Interior Frame | 6p [rad] - 0.0143 0.0111
Ap [in.] - 6.3 5.1
. AR [in.] 12.0 9.3 8.1
Failure Right Col.  Right Col. Right Col.
Location Location 2 Locaton2 Locaton?2
Ay fin.} 2.2 - -
Transverse, lp fin.] - 23.0 24.6
Exterior Frame 8p [rad] - 0.0113 0.0123
Ap [in.] - 5.9 6.4
Ap [in.] 6.2 8.1 8.6
Failure Right Col.  Right Col. Right Col.
Location Location1 Locatonl Location !
Ay [in.] 3.4 - -
Longitudinal lp [in.) - 35.0 29.8
Frame Bp [rad] - 0.014 0.0122
Ap [in.] - 4.0 5.2
AR [in.] 14.3 9.2 8.6
Failure Interior Col.  Bottom, Bottom,
Location Location 2 Left Girder Left Girder
Right Side  Right Side

Ay = Yield Displacement at Center of Mass

Ip = Plastic-Hinge Length
Bp = Plastic-Hinge Rotation

Ap = Plastic Displacement at Center of Mass
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Table 5.2 Equivalent Elastic Base-Shear Strengths

.. Yield Yield Ultimate | Base Shear Sa(c)
Direction Stiffness Displ. Displ. VE = Vp/Mass
[kips/ft] [ft.] [f]. [kips] [g]
Transverse 7500 0.19 0.67 5000 0.96
Longitudinal 4020 0.28 0.71 2850 0.55
Table 5.3 Global Capacity-to-Demand Ratios
ATC Spectrum Site-Specific Spectrum
Sa(C) Sa(C)
o . . s D ATC S Site
Direction Period a(D) ___S a(D)ATC a(D) _'_S a(D)S“‘
[sec.] (g] (g] '
Transverse 0.92 0.48 2.00 080 1.20
Longitudinal 1.26 0.39 1.41 0.80 0.70

dimensional, linear model (Section 3.3). In the transverse direction, the period computed
for the SED unit was 15 percent less than that for the WSDOT unit because of the SED
unit’s huigher stiffness. The opposite was true for the longitudinal direction.

. The periods listed in Table 5.3 were used with both the ATC-6-2 and the site-
specific response spectra (Section 3.4) to compute the spectral demands. The spectral
demands (Sy(D)) are listed in Table 5.3.

Global Capacity-to-Demand Ratios
The global C/D ratios are cofnpUted as VE/VD, which can also be expressed as
Sa(C)/S4(D).

spectrum. The global C/D ratios were 40 to 70 percent higher in the transverse direction

These ratios are listed in Table 5.3 for each direction and for each

than in the longitudinal direction because the spectral capacities were significantly higher
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in the transverse direction. The global C/D ratios were 60 to 100 percent lower for the
site-specific spectrum than for the ATC-6 spectrum because the spectral demands were
greater from the site-specific spectrum.

The flexural ductility appears to be adequate in both directions when considering
the ATC-6 spectrum. In contrast, the SED unit appears to be vulnerable to flexural

ductility failure in the longitudinal direction when considering the site-specific spectrum.

5.3 GLOBAL DUCTILITY DEMANDS

The global ductility demand can be approximated as the ratio of the base-shear
demand to the base-shear corresponding to yield. The base-shear demand was taken as
the base-shear from the response spectra (Table 5.3), and the yield base-shear was taken
as 75 percent of the base shear capacity. Table 5.4 lists the global ductility demands for
both the transverse and longitudinal directions, and for both the ATC-6 and site-specific
response spectra. | |

The global ductility demands were slightly higher in the longitudinal direction than
in the transverse direction for both response spectra. The global ductility de_ménds from

the site-specific spectrum were 70 to 100 percent higher than those from the ATC-6

spectrum.
Table 5.4 Global Ductility Demands
ATC Spectrum Site-Specific Spectrum
o Yield Shear
Direction Yy=075V,| VpATC| vp/V |  VpSite Vp/Vy
[Kips] _ [Kips] [Kips]
Transverse 1390 2490 1.79 4150 3.00
Longitudinal 1125 2020 1.80 |~ 4150 3.69
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CHAPTER 6
SHEAR

Shear failures are undesirable because they are typically brittle and catastrophic.
-Current design methods attempt to avoid shear failures by ensuring that a member's shear
capacity is greater than its flexural capacity, and therefore, that the member yields in
flexure rather than failing in shear. For older bridges, there are many situations in which

members could fail in shear before they would yield.
The shear vulnerabilities of the SED unit's columns were evaluated by computing
capacity-to-demand ratios for each column with both the ATC-6-2 and the Priestley et al.
(1994) procedures. In each procedure, the shear demands were computed using limit

analyses. The shear capacities for both procedures were computed with the same general

equation.
Vp=Ve+Vs+V, (6.1)

The shear capacity, Vy,, was computed as the sum of the shear strength provided by the
concrete, V¢, the shear strength provided by the transverse reinforcement, Vy, and shear
strength provided by axial loads, Vp. The equations for V, Vg, and Vp are different for
each procedure, and they are provided in the folldwing sections. Nonetheless, in both
procedures, the total shear capacity varies with the degree of displacement ductility, as
.shown in Figure 6.1. The initial shear strength, Vj, is constant up to the ductility level K,
and it decreases linearly to a final value, Vg, at a ductility level pg  Three scenarios are
possible: first, if the shear demands exceed the initial capacity, the member will fail in a
brittle manner (case A); second, if the shear demands are less than V;, but greater than Vi,
the member will fail in a combination of shear and flexure (case B); and third, if the shear

demands are less than Vg the member will not fail in shear regardiess of the flexural

ductility demand (case C).
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Shear Force

Displacement Ductility

Figure 6.1. Variation of Shear Resistance with Ductility

6.1 ATC-6-2 EVALUATION

The computation of the shear capacity-to-demand ratio, rcy, begins by determining
whether the column yields. If the column does not yield (rg; > 1.0), rqy 15 defined as the
ratio of the column’s initial shear capacity, Vj(c), to the elastic shear demand, Vg(d). The
value of Vj(c) is the sum of the resistance provided by the concrete (Ve), steel (Vy), and
axial load (V). |

Vi) = Vg + Vs + Vp . (62)
where, |
Ve=2Vfcbd (6.3)
Vs=(Ay fy d)/s (6.4)
Vp = (P/1000Ag) Nfc bd (6.5)

If rey is less than 1.0, the column may fail suddenly in shear before any flexural yielding
has occurred. -

If the column was predicted to yield (rec < 1.0), then the three shear cases (A, B,
and C) are possible. To determine which case applies, the maximum shear force resulting
from plastic hinging in the column, V(d), must be determined. According to ATC-6,
Vi(d) is equal to 1.3(M,;1 + M,;2)/L, where M;;1 and M,;2 are the ultimate moments at

the hinge locations and L is the distance between the hinges. The values of M,,! and M,;2
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were determined using the procedures in Section 4.8.2 of “Seismic Design Guidelines”

(ATC, 1981). The basic steps of these procedures are listed below.

1) Determine the plastic moment capacities at the hinge locations
using the axial loads corresponding to dead load.

2) Compute the shear forces corresponding to the above values
and sum them to obtain the maximum base shear for the bent.

3) Apply the maximum base shear laterally at the center of mass
and determine the corresponding axial loads in the columns.

4) Combine the axial loads from step 3 with the gravity loads and
determine the revised plastic moment capacities at the hinge
locations.

5) Compute the maximum base shear corresponding to the new
moments and compare it to the previous value. If it is not
within 10 percent of the previous value, repeat steps 3-5.

The models used to compute Myl and M,,2 included the effects of strain hardening.
Therefé;re, the over strength-factor of 1.3 in the equation for V,(d) was ignored for these
analyses. | | |
IfVy(d) ex;:eeds the initial shear strength of the column (case A), the column may
fail in a brittle manner before the plastic hinges form. The C/D ratio for shear case A is
computed using the elastic demands as follows:
Tev = Vi(e)/ Ve(d) (6.6)

_ If Vy(d) is less than Vj(c), but greater than the final shear strength of the column,
Vg(c), the column may fail in shear after some flexural yielding has occurred (case B). The
final shear strength of the column, Vg(c), is the sum of the resistances provided by the
transverse reinforcement and the axial load. The resistance provided by the concrete is
neglected. If the transverse reinforcement is inadequately anchored, its resistance is
neglected also. The resistance provided by the axial load is considered only when the axial

stress .exceeds 10 percent of the concrete’s compressive strength. The value of rgy for

shear case B is computed as follows:
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fov=H eg - (6.7)

where,

he2+ {0_75 LcMVi © - vu(d)] ©5)
be | Vi©) - Vg(c)

and,
L. = distance between hinges
b = width of column in the direction of shear
Lo/be < 4.0 -

If Vy(d) is less than Vg(c), the column will not fail in shear, regardless of the
ductility demand (case C). The C/D ratio for shear case C is computed as follows:

Tey = (2 +0.75 Lo/be) Tee ' (6.9)
For the typical SED unit, the value of V<) for all column locations was taken to be zero
because the transverse reinforcement ‘was inadequately ﬁnchored and the resistance
provided by the axial load was neglected. Therefore, shear case C was not possible in
these analyses.
| Tﬁnweme Difection

Figure 6.2 lists the values of ry, for the exterior and interior transverse frames.
The values were computed at the possible plastic-hinge locations of the columns. The
plastic-hinge locations were determined with plastic analyses.

For the exterior frame, yielding was predicted only at location 1 of both lower-
story columns. The shear analyses indicated that shear case B applied at these two
locations. The ductility demands were found to be very low (i = 2.7-2.8), and as a result,
the shear C/D ratios greatly exceeded 1.0 (1o, = 2.4-2.7). At location 4 of the same
columns, the C/D ratios (rcy = 1.3-1.5) were significantly less than the values at location
1, even though the capacities and demands were virtually the same. The only difference
was that the values of re; were slightly less than 1.0 at location 1, and they were slightly

greater than 1.0 at location 4. This discrepancy was an artifact of the ATC-6-2 procedure.
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Yielding was not predicted in the exterior frame's upper-story columns, and the
elastic shea:r demands were less than the initial shear capadties. Consequently, the values
of r¢y, were all greater than 1.0. Nonetheless, the shear demands assoéiated with plastic
hinging, V(d), v&ere much greater than the initial shear capacities, and shear case A

would apply if the demands increased enough.

Exterior Frame Interior Frame
180 ¢ b 203 1.73 ¢ ? 198
1.81 ¢ $ 204 175 ¢ _ ¢ 199
127 ’ b 148
092 ¢ ® 109
201 ¢ * 109
244 & o 266

Figure 6.2. Shear C/D Ratios for Transverse Frames

For the interior frame, yielding was predicted only at location 2 of the ténsion-side,
lower-story column (Figures 3.9 and 3.10). As in the exterior frame, shear case B applied;
the ductility demand was low (u - 2.4); and the value of r¢,, was much greater than 1.0
(tecy =2.0). At location 3 of the same column, the capacities and demands were nearly the
same as at location 2, but yielding was not predicted. Because the elastic shear demand
was greater than the initial shear capacity, column location 3 was predicted to fail in 2
brittie manner (rc, =0.9). Again, this demonstrated an inconsistency with the ATC-6-2

procedure.

The results for the interior frame's upper-story columns were nearly the same as

those for the exterior frame.
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Longitudinal Direction

Figure 6.3 lists the values of 1, for the exterior and interior columns of a typical
longitudinal frame.

For the exterior columns, no yielding was predicted, and all elastic shear demands
were less than the initial shear capacities. Therefore, all values of r., exceeded 1.0. The
values of r¢y for the exterior, upper-story columns were less than those for the exterior,
lower-story columns. This is because the elastic analysis predicted higher shear demands
in the stlﬂ; upper-story columns than those predicted for the more flexible lower-story
columns. For all the exterior column locations, the ultimate ﬁhear capacities, Vu(d), as
determined from limit analyses, were less than the initial shear capacities, Vi(c); therefore,

shear case B would apply if the shear demands increased enough.

162 ¢ ¥ 1.99 * 200 ) 1.73
163 ¢ : " $ 201 ¢ 201 ¢ 175
254 9 ® 3.26
¢ 3.20 * 319
* 189 ® 1.9
299 ® ¥ 330

Figure 6.3. Shear C/D Ratios for Longitudinal Frame

Yielding was predicted at all four locations of the lower-story, interior columns.
Shear case B applied at each location. The values of r¢,, were greater than 1.0 (ro, =1.9 -

3.2) because the ductility demands were low (u = 2.3).

The upper-story, interior columns were not predicted to yield, and the elastic shear

demands were much less than the initial shear capacities. Therefore, the values of Toy
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were all greater than 1.0 (roy = 2.0). For these columns, V,(d) was much greater than

Vj(c), and therefore, shear case A would apply if the demands increased enough.

6.2 PRIESTLEY ET AL. (1994) EVALUATION (UCSD)

The Priestley et al. (1994) shear evaluation procedures are similar_ to those of
ATC-6-2. The shear demands are computed the same way, by using plastic-hinge analyses
of the columns. The ultimate moments at the hinge locations are the same as those used in
the two-dimen'sional, nonlinear analyses and include the effects of axial load and strain
hardening. The general equation for the total sheér capacity (Equation 6.1) is the same for
both procedures, but the individual contributions, V., V,, and Vp, are computed
differently. The initial resistance provided by the concrete, Vi, is assumed to be constant
up to a ductility level of 2.0, at which point it decreases linearly to a final resistance, V.5,

at a ductility level of 4.0.

Vi=3.5Vc08A; - (6.10)
Vef=12Vfc0.8 Ag (6.11)
The shear capacities were first computed assuming that the resistances provided by the

transverse reinforcement, V, and the axial load, Vp, are constant for all levels of ductility.
Ve=(Ay fyt D')/(s tan30) (6.12)

Vp=Ptana (6.13)

where

Ay = area of transverse reinforcement

fi1 = yield stress of transverse reinforcement

lg't= distance from outside of hoop to outside of hoop in the
direction of shear

s = hoop spacing

o = angle of axial load with the column axis
Because the transverse reinforcement is inadequately anchored, the final shear capacities

were computed again neglecting the contributions of the transverse reinforcement

(Vs =0).

75



The results of the analyses for both the exterior and interior frames in both the
transverse and longitudinal directions are given in Table 6.1. Capacity-to-demand ratios
. are listed for the initial shear capacity (up to a ductility tevel of 2), for the final shear
capacity (at a ductility level of 4) assuining that the transverse reinforcement is properly
anchored, and for the final shear capacity assuming that the transverse reiriforcement is
ineffective (Vg =0).
| According to the results summarized in Table 6.1, the shear stréngth' of the lower-
story columns appears adequate for displacement ductilities below 2. When the
contribution of the transverse reinforcement was included in the shear capacities, “Case B”
shear failure was predicted for the lower-story, interior columns in the transverse direction
at a displacement ductility of 4 (C/D = 0.92). The other lower-story columns, éxcept for
the exterior columns in the longitudinal direction, were predicted to be marginally .
adequate (C/D = 1.03 - 1.06). The lower-story, exterior columns in the longitudinal
 direction were found to be adequate for all levels of ductility demand (C/D = 1.65).

When the éontribution of the transverse reinforcement was neglected (Vg =0), the
C/D ratios were reduced by 20 to 40 percent. “Case B” shear failure was predicted for all
the lower-story columns, except for the exterior columns in the longitudinal direction.
The minimum C/D ratio for the lower-story columns was 0.58. |

“Case A” shear failure was predicted in the upper-story columns, but it is unlikely
they would reach their ultimate shear demands because the demands would be limited by

the lower-story columns. Therefore, shear failure would be unlikely in the upper-story

columns.

6.3 COMBINED EVALUATION

The results from both procedures were similar. Both procedures identified the
lower-story, interior columns as being vulnerable to shear failure, although they predicted

different ductilities. The ATC-6-2 procedure predicted these columns would fail before
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flexural yielding (Vi(c) < Ve(d)), whereas the Priestley et al. (1994) procedure predicted
that failure would occur after yielding (2.0 <p < 4.0). In addition, the Priestley &t al.
(1992) procedure found that when the shear resistance of the transverse reinforcement is
neglected, the lower-story, exterior columns would fail in shear before developing their
flexural capacities. |

Both procedures determined that the upper-story columns would fail before they

yielded in flexure, but shear failure is unlikely because the shear demands would be limited

by the lower-story columns.
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CHAPTER 7

ANCHORAGE

Inadequ.ate anchorage of longitudinal reinforcement can lead to a sudden loss of
flexural strength. In older bridges, the anchorage of the vertical column reinforcement
into the footings and cap beams is often inadequate. Also, the beam positive-moment
reinforcement often does not have a hook, and the anchorage length into the joints is too
short.

The typical SED unit was evaluated fl'or anchorage failure with both the ATC-6-2
and Priestley et al. (1992) procedures. The results are presented in the following ‘sections.

The evaluations were performed at the following locations:

. the longitudinal column reinforcement anchored into the top cap beams;

these bars Were not hooked at their ends

. the longitudinal reinforcement of beams and girders anchored into the
exterior columns; the anchorage depths were limited, and most of the

positive-moment bars were not hooked

. the bottom, longitudinal reinforcement of the exterior girders at interior
column joints; these bars were discontinuous through the interior columns
and had no hooks at their ends.

Anchorage failure was not anticipated at the footings because the longitudinal

column bars were welded to steel frames that were embedded 3.75 feef into the footings.
The frames were made of hea-vy angle membelfs and were specified to develop the full

tensile capacity of the column bars.

7.1 ATC-6-2 EVALUATION

Procedures for evaluating failure of the longitudinal column reinforcement

anchored into the footings and cap beams are provided by ATC-6-2. Even though ATC-
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6-2 doe§ not require such an evaluation for beams, the procedures were also applied to the
anchoragé of the longitudinal beam and g_irder reinforcement.

The procedure begins by comparing the provided effective anchorage lengtﬁ of the
longitudinal reinforcement, A,(c), to the required effective anchorage length, Ay(d). If

A4(c) is less than A;(d) , the anchorage C/D ratio, r,, is a function of rec.

¢ :—h(c)r (7.1 |
ca %a(d) ec (7.1)

If Aa(c) is greater than or equal to A4(d), res depends on the reinforcement details and the
location of the anchorage. For this case, where the anchorage is evaluated at the cap
beams, rc, is equal to 1.0.

For straight reinforcement, the effective anchorage length, A,(c), is taken as the
embedded depth; for hooked reinforcement, it is taken as the embedded depth up to the
. hook. The required anchorage length, A,(d), for straight bars is

= 230
Aa(d) 2 5c 30dy 72)
fcll+—+ ktl'
dp
where,
kg = reinforcing steel constant = U '—41 18000

dyy = bar diameter [in.]

f'c = concrete compression strength [psi]

fy = yield stress of steel [psi]

¢ = lesser of the reinforcement's clear cover or 1/2 its spacing [in.]
kir = [Atl-(c)fyt/600] sdp < 2.5

Ay = area of transverse reinforcement [in 2]

fyt = yield stress of transverse reinforcement

s = spacing of transverse reinforcement
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Square deformed bars were used as the main longitudinal reinforcement in the SED unit.
The nominal bar diameter (dp) was approximated as the nomina! diameter of the
equivalent round bar.

The required anchorage length for hooked bars is

km 1200 dp fy

15d (7.3)
60000T C b

Aa(d)=

where,
kpy =0.7 for bars #11 and smaller

kpy=1.0 for bars #13 and greater

Equations 7.2 and 7 3 show that Az(d) can not be less than 30 bar diameters for straight
bars and 15 bar diameters for hooked bars. '

In all cases, Az(d) was limited to the minimum value of 30 bar diameters for
straight bars and 15 bar diameters for hooked bars. Table 7.1 lists the values of Aa(d) for
each bar size based on these minimum values.

Columns

Table 7.2 lists the results of the evaluation for column bar anchorage into the cap
beams. All columns had the same size reinforcement and anchorage lengths at their tops.
Consequently, the values of Aa(c)/hg(d) were the same for all columns (A a(c)ha(d) =
0.85). Although the anchorage lengths were insufficient (Aa(c) < Aa(d)), the flexural
ductility demands were small, and all values of rgy exceeded 1.0. The value of rcg for the
exterior column bars in’ the lox}gitudinal frame was slightly greater than 1.0 (rea = 1.06),

indicating that the anchorage length at this location was marginal.
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Table 7.1. Required Embeddment Lengths

ATC-6-2 Ay(d) Priestley et al.
(1992)
Square Equivalent Straight Hooked
Bar Size Round Bar Bars Bars Asmin
Diameter (30dp,) (15dp) o
fin.] {in.] ~ [in.] [in.]
1" x 1" 1.128 (#9) 339 16.9 11.7
2" x 2" 2.257 (#18) 67.7 33.9 234

Table 7.2. ATC-6-2 Anchorage Evaluation for Column Bars into Cap Beams

Column Location Aa(©) |Aa(d) | Ag(©)/Ag(d) | Fec | Fea
in. | in. :
Transverse |Exterior |Comp. 57.5| 67.7 0.85 1.64|1.39
Frame Tens. 57.5] 61.7 0.85 3.54]3.01
Interior |Comp. 57.5| 6717 0.85 11.49]1.26
Tens. 57.5| 67.7 0.85 5.0814.31
Lougitudinal | Exterior | Comp. 57.5{ 67.7 0.85 1.25(1.06
Frame Tens. 57.5] 67.7 0.85 1.72|1.46
Interior |Comp. 57.5] 671.7 0.85 2.10(1.79
Tens. 5751 67.7 0.85 2.2511.91
Table 7.3. ATC-6-2 Anchorage Evaluation for Transverse Beams
Beam Location Bar Endof | Ag(c) | Aa(d) | Aa(c)/Ag(d)| ree | Tha
Location| Bar fin.] fin.}
Exterior |Lower- |Bottom | Straight 44.0 67.7 0.65 0791 0.51
Frame |story Top Hooked 46.0 33.9 1.36 0.891 1.00
Upper- |Bottom | Straight 440 67.7 0.65 251] 1.63
story Top Hooked 46.0 339 1.36 2.15{ 1.00
Interior |Lower- | Bottom | Straight 44.0 67.7 0.65 0.791 0.51
Frame |story Top Hooked 46.0 33.9 1.36 0.78] 1.00
Upper- |Bottom | Straight 440 67.7 0.65 352 2.29
story Top Hooked 46.0 33.9 1.36 1.71] 1.00
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Transverse Beams

Table 7.3 lists the values of ry, for the longitudinal reinforcement at the ends of
the transverse beams. The top bars for both the interior and exterior beams had 90-degree
hooks at their ends, were 2-inch square bars, and had 46 inches of effective anchorage.
The anchorage depths were found to be sufficient (A,(c)/A,(d) = 1.36), and therefore, the
values of 1, were set equal to 1.0.

The bottom bars were all straight, 2-inch square bars with 44 inches of effective
anchorage into the columns. These anchorage lengths were found to be insufficient
(Aa(c)/hy(d) = 0.65). For the upper-story beams, the flexural ductility demands were low,
and as a result, all values of rp, for these beams were greater than 1.0. For the lower-
story beams, the flexural ductility demands were relatively high, and as a result, the values
of rha were much less than 1.0 (rp, = 0.51).

" Longitudinal Girders

Table 7.4 lLists the values of 1, for the exterior girder's top and bottom

reinforcement. This reinforcement was anchored into the exterior columns, and it was

discontinuous at the interior columns.

Table 7.4. ATC-6-2 Anchorage Evaluation for Longitudinal Girders

Girder Location Bar Endof | Az(c) | Ag(d) | Aq(c)/Ag(d) | rec | mba
Location| Bar fin.] [in.] _
Exterior |Lower- |Bottom | Straight 22.0 33.9] 065 0.80] 0.52
Column |story |Bottom | Hooked 220 16.9 1.30 0.80} 1.00
Top Hooked 20.0 16.9 1.18 0.73]1 1.00
Upper- |Bottom |- Straight 22.0 33.9 0.65 1L.70] 1.10
story |Bottom | Hooked 220 16.9 1.30 1.70] 1.00
Top Hooked 20.0 16.9 1.18 1.29) 1.00
Interior |Lower- |Bottom | Straight 21.0 339 0.62 0.23] 0.14
Column |story ,
Upper- |Bottom | Straight 21.0 33.9 0.62 1.00| 0.62
story
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At the exterior columns, all the top bars and two bottom bars were I-inch square
bars with hooks at the ends. The anchorage lengths of these were found to be sufficient.
The other two bottom bars were 1-inch square bars but were straight at their ends. The
anchorage lengths for these were insufficient (A,(c)/A,(d) = 0.65), and the ductility
demands in positive bending were high. Therefore, the resulting value of r,, for the
straight bottom bars was much less than 1.0 (rpy =0.52).

At the interior columns, the bottom, 1-inch square bars were anchored 21 inches
straight into the columns. These anchorage lengths were found to be insufficient
(la(c)/l;(d) = 0.62). In addition, the positive-moment ductility demands in the lower-
story, extenior girders at the interior columns were very high. The resulting valué of rh,
was very low (rp, = 0.14). The value of ry,, for the upper-story girders was also less than

1.0 (rpg = 0.62) because of high ductility demands and insufficient anchorage lengths.

7.2 PRIESTLEY ET AL. (1992 ). EVALUATION (UCSD)

The Priestley et al. (1992) prbéedure distinguishes between two types of
anchorage, confined and unconfined. Anchorage confinement can resuit from adequately
anchored transverse reinforcement or from ciamp'mg forces provided by the flexural
reinforcement of an adjacent member. The clamping force may become ineffective if the
adjacent member’s reinforcement yields.

The development of confined anchorage is limited by the shearing strength of the
concrete surrounding the anchored reinforcement. The average bond stress associated
with this limit, ,, has been determined from tests (Priestley et al., 1992} and is as follows:

my=18JFc (7.4)
If the ultimate tensile stress of the reinforcement, £, is assumed to be 1.5 times the yield
stress, fy, then the minimum anchorage length required to develop the reinforcement bar,

Asmin, can be written as follows:
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Columns

The columns’ type-b bars that were anchored into the top cap beams would be
confined by the cap beams’ or girders’ type-d bars as long as the type-d bars did not yield
or slip. Assuming that the beam or girder reinforcement did not yield, the a:ichorage of
the columns’ type-b bars would be adequate (Ag/Agmin = 2). If the cap beams’
reinforcement did yield, and confinement of the anchorage was lost, then the anchorage
lengths would be insufficient (T¢/ T, = d.4 - 0.5). The flexural demands in the upper-
story members were found to be small (Chapters 3 and 4) and it is unlikely that the upper-
story cap beams would yield. Therefore, anchorage failure is unlikely for the columns’
type-B bars.

The type-a bars in the transverse direction were welded to the hooks of the cap
beams’ type-c bars, and they were not in danger of pulling out. In thg longitudinal
direction, the columns’ type-a bars were unconfined because of inadequate transverse
reinforcement. The anchorage lengths of these bars were not sufficient to develop the
bars’ ultimate tensile capacities (Tg/ Ty = 0.4). These anchorage lengths were also not
sufficient to develop the bars’ yield capacities, Ty (T¢/ Ty = 0.8). Therefore, anchorage
failure could occur before the bars yielded. Even though the flexural demands were small
for the upper-story members, the columns’ type-a bars in the ldngitudinal direction might
be vulnerable to anchorage failure.

Transverse Beams

The type-c bars for the transverse beams were hooked into the columns, and their
anchorage appeared to be adequate. The type-d bars were not hooked, but they would be
confined by the columns’ type-b bars so long as the type-b bars did not yield. The plastic
hinges were expected to form in the beams (Chapters 3 and 4), and therefore, the columns
were unlikely to yield: Given that fact, the type-d bars of the transverse beams appeared

to be adequate for both the upper and lower stories and for both the interior and exterior

frames (Ag/hgmin = 2).
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Longitudinal Girders

As in the transverse beams, the type-c bars for the longitudinal girders were
hooked into the columns, and their anchorage appeared to be adequate. For the type-d
bars, half were hooked and half were not. These bars were confined by the columns’ type-
b bars. The girders were much weaker than the columns, and therefore, "the columns
would be unlikely to yield. Therefore, it appeared that the anchorage lengths for both the
hooked and strazght bars were adequate (Ag/Agmin = 2).

At the interior columns, the girders type-d bars were discontinuous through the
columns. Again, it is unlikely that the column reinforcement would yield, and theref'ore,
they would provide confinement for the girders’ type-d bars. It appeared that the

anchorage for these bars would also be adequate (Ag/Agmin = 2).

7.3 COMBINED ASSESSMENT

Both procedures predicted similar results for the column bars anchored into the
cap beams. The'ATC-6-2. procedure predicted that the tensile capacity of the type-b bars
could not be developed (A,(c)/A5(d) = 0.85), but the anchorage was adequate because the
flexural demands were small. The Priestley et al. (1992) procedure predicted that the full
capacity could be developed in the type-b bars as long as the cap beam reinforcément did
not yield. The cap beam reinforcement would be unlikely to yield because the flexural
demands were small. Both procedures also predicted that the type-a bars in the
longitudinal direction might be vulnerable to anchorage failure. The type-a bars in the
transverse direction were not evaluated because they were welded to the cap beams’ type-
¢ bars.

The Priestley et al. (1992) procedure found that all the type-c and t)'rpe-d bars of
the beams and girders were adequately anchored because the column lonéitudina] bars
provided confinement. While it is certain that the longitudinal girders would yield before

the columns, it is not as certain that the transverse beams would do the same. The results
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for the different plastic hinge mechanisms in the transverse direction were close, and there
was uncertainty in the procedures. Therefore, it was not certain whether the transverse
beams would yield before the columns. If the columns did yield before the transverse
beams, the beam anchorage might be inadequate (Tg/T; = 0.38-0.49). The ATC-6-2
procedure does not include the effects of confinement provided by adjacent members, and
therefore, anchorage failure was predicted for the straight bars of the lower-story beams

and girders where the flexural demands were high.
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CHAPTER 8
SPLICES

Lap splices can fail if splices are too short, if they are located in plastic hinging
zones, or if they have inadequate transverse reinforcement. Lap splice failure can result in
reduced flexural and shear capacities.

In many older bridges (including the tybical WSDOT unit) the columns’
longitudinal bars are spliced directly above the footings. This location is typically a
potential plastic-hinging zone, and the splice lengths are typically inadequate (20 bar

- diameters for the WSDOT unit). Therefore, the lap splices directly above the foétings in
many older bridges are vulnerable to failure.

Unlike many older bridges, the typical SED unit does not have lap splices directly
above the footings. In fact, lap splices are used sparingly throughout the SED unit. Most
of the.columns’ longitudinal bar splices are staggered and are welded with sufficient weld
lengths to develop the tensile capacities of the reinforcement. 'Lap splices are used only in
the interjor, lower-story columns, as shown in Figure 8.1. The splices are located 7 feet
above the footings (column location 2) and 6.5 feet below the bottom of the lower-story
joints (column location 3). Only eight of twelve bars at these locations are lap spliced.
The other four bars, which.are the corner bars, are weld spliced near mid-height of the
columns. The two bars within each lap splice differ in size; those coming up from the
footings and those coming down from the lower-story joints are 2-inch square bars. These
bars are spliced to 1-inch square bars.

Although these lap splices are located away from the footings and the joints, they
are located in potential plastic-hinging zones. Their failure could result in reduced
moment and shear capacities for the interior, lower-story columns. The potential for lap
splice failure was investigated, as described in the following sections, with both the ATC-

6-2 and Priestley et al. (1992) procedures.
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Figure 8.1. Lap Splices for Interior, Lower-Story Columns

All the longitudinal bars in the exterior columns and the four corner bars in the
interior columns are weld spliced. Each of these bars are weld spliced near mid-height of
both the upper- and lower-story columns, and the splices are staggered. The flexural
demands at mid-height of the columns are small, and therefore, the welded splices are not

likely to fail,

8.1 ATC-6-2 EVALUATION

According to ATC-6-2, if a lap splice is not located within a potential plasiic-hinge
zone and the splice length is sufficient, then splice failure is unlikely to occur. A iap splice
length, A, is sufficient when it.is greater than the minimum lap splice length, Agmin. The
equation for Agmiy, is as follows:

Asmin = 1860-d/Nf'c (8.1)
where,
dp, = bar diameter [in.]

f'c = concrete compressive strength [psi]

92



For the SED unit’s columns, for which f'c was assumed to be 6300 psi, the value of Agmin
was approximately 24- dy. If Ag is less than Agmin and the splice is located outside
potentiaj plastic-hinge locations, then the splice C/D ratio, r¢g, is
fes = (As/ Asmin) * Tec | (8.2)
If a lap splice is located within a potential plastic-hinge zone, and the splice length
is inadequate (Is<lsmin), the splice C/D ratio is

_ A [(6'/s)xs]r Arl)
“ Ag@| Asmin | ° Ag(d) °

(8.3)

where,

Atr(c) = cross-sectional area of transverse reinforcement

Atr(d) = area of transverse reinforcement required to prevent splice
failure

Sf Ab

lfyt

(8.4)

s = spacing of transverse reinforcement [in.]
fy, = yield stress of spliced reinforcement [ksi]
Ay, = area of spliced bar [in’]

fy1 = yield stress of transverse reinforcement [ksi]

The factor 6/s should not be greater than 1.0, and Agpin should not be less than 30-dy,.
Also, if Ag is greater than Agy;n, then reg does not have to be less than 0.75-1e,.

The following assumptions were made to implement the ATC-6-2 procedure:

. The bar diameter for square bars was assumed to be the dlameter of a
round bar with equivalent cross-sectional area.

e  The area of the spliced bars, Ab, was assumed to be the larger of the two
spliced bars.
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. All the bars at locations 2 and 3 were assumed to be lap spliced, even
though only eight of twelve bars were actually spliced.

Table 8.1 presents the results of the evaluation. All of the splices had the same bar
sizes, splice lengths, minimum splice length requirements, transverse reinforcement, and
transverse reinforcement requirements. The values of r.g varied because some splices
were in potential plastic-hinge zones, while some were not, and because rg. varies

according to the column locations and directions.

Table 8.1. ATC-6-2 Column Splice C/D Ratios, g

Bar | Equivalent | Ap Ag s | Agr(e) | Agde)/Aydd) | 6/s | Ag/Agmin
Size | Bar Diam, '

[in.] [in2] | [in] { fin.] | [in2]

2" x2" 2.257 4.0 30 12 0.20 0.125 0.5 0.44
Fpp I'es

Column Trans. Comp. 1.06 0.029
Location _Tens. 0.83 0.023
2 Long. Comp. 0.81 0.022
Tens. 0.81 0.022
Column .| Trans. Comp. 1.63 0.720
Location Tens. 1.54 0.680
3 Long. | Comp. 1.38 0.610
Tens. 1.39 0.610

In both the transverse and longitudinal direcﬁons, the splices at column location 2
were within possible plastic-hinge zones; the area and spacing of the confining
reinforcement was inadequate; and the splice lengths were inadequate. All of these
deficiencies together resulted in very low values of reg (reg = 0.02 - 0.03).

The splices at coiumn location 3 in both directions were not within possibie
plastic-hinging zones (Chapter 3). Therefore, the values of rog were determined using

Equation 8.2 and were a function of the splice length, the required splice length, and re.
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These splices were also found to be vulnerable (r¢g = 0.6 - 0.7), but to a lesser degree than

the splices at column location 2.

8.2 PRIESTLEY ET AL. (1992) EVALUATION (UCSD)

The Priestley et al. (1992) procedure for evaluating splice failure resembles the
procedure for evaluating anchorage failure. The type of sphce is again classtﬁed as
confined or unconﬁned The SED unit’s splices were all classified as unconfined because
of inadequate transverse reinforcement and because there were no adjacent members
whose reinforcement might provide confinement.

Unconfined splice failure is- characterized by the formation of longitudinal cracks
‘between the bars and along the surface inside the rows of bars. The maximum resistance
that can be developed along these cracks, Tp, is given in Equation 8.6.

Tp = fp- A (8.6)
where, o
f; = concrete resistance, assumed equal to 4VPc [psi]
P = perimeter of crack surface around spliced bar [in.]
=2(c+dp) +52
Ag = length of splice [in.]
¢ = concrete cover [in.]
dp = diameter of spliced bars [in.]
s = spacing of spliced bars [in.]

The splices are evaluated by comparing T}, to the bar’s yield capacity, Ty, and to
the bar’s ultimate capacity, T If Ty is greater than T, the splice is unlikely to fail. If Tb
is less than T, but is greater than Ty, the splice may survive beyond the yield moment but
will have limited ductility and may not survive repeated load reversals. If Ty, 1s less than

Ty, the splice will fail before the yield moment is reached.
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The results of the Priestley et al. (1992) splice evaluation are presented in this
section. To be consistent with the evaluation of the typical WSDOT unit, the concrete
cover, ¢, was conservatively assumed to be 1.0 inches.

The splices at both column locations 2 and 3 and in both the longitudinal and
transverse directions were identical, according to the Priestley et al. (1992) procedure,
because they all had the same bars sizes, bar spacing, splice lengths, and material
properties. Table 8.2 lists the resuits of the evaluation. Table 8.2 shows that Ty, was less
than Ty (Ty/T y = 0.88), and therefore, these splices would likely fail before the yield
moment was reached.

Table 8.2. Priestley et al. (1992) Splice Evaluation

sl s [ & [ & [ T [ Ty | mom,
[in.] [in.] [in.] {kips] [kips] [kips]
14 13.5 30 128 145 260 0.88 0.49

8.3 COMBINED ASSESSMENT

Both procedures revealed that the splices at locations 2 and 3 of the interior
columns were inadequate. While the Priestley et al. (1992) procedure found that the
vulnerabilities were the same at both locations 2 and 3, the ATC-6-2 procedure found that
the splices at location 2 were much more vulnerable than those at location 3.

Both procedures are probably overly conservative because not all the bars at
column locations 2 and 3 were lap spliced. While the flexural and shear capacities of the
interior, lower-story columns would likely decrease if the lap splices failed, the reductions

would be less than if all the bars had been spliced at the same locations.
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CHAPTER 9
JOINTS

Joint-shear failure was a major source of damage to double-deck bridges during
the 1989 Loma Prieta earthquake. Nonetheless, ATC-6-2 does not provide procedures
for evaluating joint-shear failure. Priestley et al. (1992) provide evaluation procedures
that compare a joint’s principle tensile stress to its tensile capacity. For joints with little
shear reinforcement, the tensile capacity is conservatively approximated as 3.5Vf¢. In a
simpler assessment procedure proposed by Thewalt and Stojadinovic (1992), a joint’s
nominal shear stress is compared to a limiting value. For joints with little shear
reinforcement, Thewalt and Stojadinovic recommend that the nominal shear stress be
limited to 3.5¥fc (psi).

The joints of the typical WSDOT unit were evaluated using both the tensile and
shear stress criteria (Eberhard et al. 1995). Both methods produced similar results, and

therefore, only the simpler nominal shear stress method was used to evaluate the joints of

the typical SED unit.

9.1_EFFECTIVE JOINT AREAS

The area over which the horizontal shear forces effectively act is referred to as the
"effective joint area.” In the transverse direction, where the beams are slightly narrower
than the columns, the entire column cross-section was assumed to be effective in resisting
the horizontal shear (Figure 9.1).

In the longitudinal direction, where the exterior girders are significantly narrower
than the columns, it would have been unconservative to assume that the entire cross-
sectional area of the column would resist the horizontal shear. On the other hand, it
would have been overly conservative to assume that the effective width was equal to the
girder width. Therefore, the effective width was determined following the procedures

_used in the evaluation of the WSDOT unit. The boundary of the effective area was
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approximated by a line extending from the girder's exterior face at 45 degrees through the
column. The effective width was calculated to be the girder width plus either 1/2 the -

protruding column dimension, or 1/2 the column depth, whichever was less (Figure 9.2).

Width
40"

a) Plan View Interior Joint b) Pian View Exterior Joint
— 1 2
=> (] ._ )
13 41
| =

c) Joint Designations

Figure 9.1. Effective Joint Areas and Designations - Transverse Direction
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a) Plan View Interior Joint b) Plan View Exterior Joint

¢) Joint Designations
Figure 9.2. Effective Joint Areas and Designations - Longitudinal Direction

-9.2_EVALUATION

The joint-shear stress, v, was computed with the following equation:

V="V dJ) [psi] 9.1)
where,

V = joint-shear force [Ibs]
bj = effective joi;lt width [in.}
d; = effective joint depth [in.]
Each joint was evaluated using three values of joint-shear force. First, the ultimate

joint-shear force, Vy1, was computed with the following equation:

Vult = Myl + My Ryz (5.2)
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where,

Myl = beam's or girder's ultimate moment capacity at left of the joint

M,jt™ = beam's or girder's ultimate moment capacity at right of the joint

z = effective lever arm of the beams or girders
My for each beam for girder was computed as the product of the tensile reinforcement's
area, Agg, the tensile reinforcement's ultimate tensile stress, fsu. and the effective lever
arm, z.

Myit = Agr fy-2 (9.3)

The ultimate strength of the tensile reinforcement, fsu, was assumed to be 1.3 times
greater than the reinforcement's yield strength, fy, and the value of Ag included the
effective slab reinforcement for negative beam or girder moments.

The second set of shear forces was derived from the results of the nonlinear
analyses (Chapter 4). The third set of shear forces was again computed using Equation
9.2, except the effects of the slab reinforcemént were ignored. In each of the three cases,
the maximum joint forces were limited by the columns' capacity to resist the unbalanced
beam or girder moments.

Table 9.1 lists the results of the joint-shear evaluation for both the transverse and
longitudinal directions and for all three values of joint-shear stress. The evaluation
revealed that almost all the joints were vulnerable to Joint-shear failure, even given the less
conservative  values of vpon and vy with no slab reinforcement. The exterior,
longitudinal joints at locations 4 and 8 would likely be adequate if the siab reinforcement
was ignored. Most of the slab bars were anchored at their ends with 180 degree hooks,
and they would likely contribute to the moment capacities of the beams, and girders.
Therefore, it would be unconservative to ignore the slab reinforcement in the joint-shear

analyses. In addition, joints 4 and 8 would likely be vulnerable when the forces reversed

direction (see joints 1 and 5).
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Chapter 7 revealed that the anchorage of the positive moment reinforcement of

some beams and girders might be vulnerable to anchorage failure, and thus the positive

moment capacities of these members might be less than the capacities used for these joint-

shear evaluations. Therefore, anchorage failure would decrease a joints' vulnerability to

shear failure when it was subjected to a beam's or girder's positive bending moment. On

the other hand, the negative moment reinforcement (including the top slab reinforcement)

was adequately anchored and would likely cause joint-shear failure when it was in tension,

Therefore, all the joints were vulnerable to shear failure.

Table 9.1. Joint-Shear C/D Ratios

Joint Location Slab Reinf. Included No Slab Reinf.
Ve (4) Vnon(d) Ve (1)
Ve cp® | e cm® | Ve cp®
1 45 0.78 4.6 0.77 4.5 0.78
Int. 2 7.2 0.49 6.4 0.54 6.7 0.52
Frame | 3 4.5 0.78 55 0.64 45 0.78
Transverse 4 9.1 0.38 7.0 0.50 7.9 0.44
Direction 1 45 0.78 3.3 1.07 4.5 0.78
Ext. 2 6.9 0.51 5.1 0.68 5.7 0.61
Frame | 3 45 0.78 3.6 0.97 45 0.78
4 9.0 0.39 5.8 0.60 7.2 0.48
1 38 0.92 3.6 0.96 38 0.92
2 54 0.65 42 0.83 46 0.76
. 3 54 0.65 49 0.72 46 0.76
Longitudinal 4 45 0.78 55 0.63 29 1.22
Direction 5 38 0.92 4.0 0.86 38 0.92
6 6.6 0.53 54 0.64 59 0.60
71 -66 0.53 5.6 0.62 59 0.60
8 4.6 0.75 5.9 0.59 29 1.22

(M v(c) =3.5Vf¢c
fc = 5400 psi
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CHAPTER 10
PILE-SUPPORTED FOOTINGS

The unit selected for this evaluation (Bents 109 thru 112) is supported by footings
with the geometries shown in Figure 10.1. The footings along the west side of the unit
were typical for both the east and west sides of the typical 184-foot units, while the
footings along the east side were used only for this particular unit to avoid an obstruction.

Both the west- and east-side footings were evaluated in this chapter, but the results for the
west-side footings are more important because they represent the majority of the footings
along the City-of-Seattle Designed section,

The four footings vary in plan dimensions as shown in Figure 10.1. The footings
are 2.5-feet thick and the pedestals are 2.0-feet thick (Figure 10.2). The footings are
reinforced with a bottom mat of steel. The reinforcement ratios vary from 0.3 to 0.6
percent in the transverse direction and from 0.1 to 0.8 percent in the longitudinal
direction. The reinforcing bars have 180° hooks at both ends. |

The footings are supported on 14-inch diameter cast-in-place concrete piles. The
number of piles at each footing varies from fourteen at an exterior footing to twenty at an
interior footing. The piles are embedded 12 inches into the footings, but no steel connects
the piles to the footings.

The seismic vulnerability of each footing was evaluated in the transverse diliection
only. Each footing was evaluated for flexural and shear failures near the face of the
columns and near the face of the pedestal. Each column-to-footing joint was also

evaluated for joint shear failure.
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Figure 10.2. Typical SED Unit Footing

10.1 PILE FORCES

To compute the footing internal forces, it was necessary to determine the pile axial
forces. The assumptions made to estimate the pile forces for the WSDOT unit were
repeated for this evaluation and .are listed below (Eberhard et al., 1995).

¢ The footings were rigid.
* The soil resistance beneath the footings was neglected.

 The pile stiffnesses were linear.
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e The applied transverse moments were equal to the flexural capacity of an
interior column, or were equal to twice the flexural capacity of an
exterior column.

o The applied axial loads included the gravity and seismic axial forces from
the columns, the weight of the footings, and the weight of the soil above
the footings.

To find an upper-bound of the tensile forces in the piles, it was assumed the pile-
to-footing connections were infinitely strong in tension. The applied footing loads and the
resulting pile forces are listed in Table 10.1. Tensile forces were present in the last row of
piles for each footing, including the compression-side footings. The magnitudes ranged
from 23 to 85 kips of tensile force per pile. In comparison, the pile’s tensile strength
would be 77 kips if the concrete tensile strength were 500 psi. |

Table 10.1. Pile Forces - Assuming Connections Have Tensile Capacity

Exterior Frame interior Frame
West East West East
Comp. | iens. | Comp. | Tens. | Comp. Tens. | Comp. Tens. |
[Ultimate Moment [k-ft) 6360 _6000| 6360  6000]  7800] 6700| _ 7800] _ 6700
Column Axial Load [kips] 1380 640 1421 681 1540 6201 1592 672

Row 1| -220(3)| -160(3)| -243(5) -1B2(5)| -188(d)] -127(4)| -203(7)| -140(7}
Pile Forces [kipsipile] | Row 2| -159(3)} -103(3)| -102(4)] -49(4)| -133(4)| -75(4)] -8O(G)| -34(6)

(# of Piles/Row) Row3| -sa2)| -462)| 405)| ss| e 3@ 4ml T3
Rowd| -383| 113} - . 218 174 - .

_ Rows| 233) so3)| - - 344 es(@)) - -
Note: + Tension, - Compression ‘ -
The pile-to-footing connections would not likely develop the tensile forces listed in
Taﬁle 10.1. As a lower-bound on the pile tensile resistance, the connections were
assumed to have no tensile capacity, and the pile forces were reevaluated. Table 10.2 lists
the results. For the tension-side footings and for one compression-side footing (the east-
side footing of an ‘interior bent), all but the first row of piles failed in tension. As a
consequence, the footings would likely “rock” within the first few load reversals. Once

these piles pulled out of a footing, the maximum footing moment was limited to the
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product of the column axial force and the moment arm between the column centerline and
the centerline of the outside row of piles.
Either the east- or west-side footings could initially be subject to the seismic

compressive forces. Therefore, each footing was evaluated using the compression-side

loads. . :
Table 10.2. Pile Forces - Assuming Connections Have No Tensile Capacity
" EXterior Frame Interior Frame
West " East Wast East
Comp. | Tens. | Comp.] Tens. | Comp.  Tens. Comp. Tens,
Ultimate Moment [k-ft) 6360) 4470™  &360] 30607 7800|4340 7150 302000
Column Axial Load [kips] 1380 640 1421 6681 1540 620] 1592 672]
Row 1| -231Q)| -2730) -283() -136(5)| 214(4) -155(8)] =7 (1) -96(7)|
Plle Forces [kipsipile]] Row2| -158(3) of 24 0] -128(4) 0 0 0
(¥ of Piles/Row) Row3| -85(2) 0 0 o] -42(4) o 0 0
Rowd| -14(3) ol - - 0 of - -
Row § 0 0 - - 0 0 - -

 Max. Moment limited by pile pull oyt
Note: + Tension, - Comprassion

10.2 FLEXURE _

Each footing was evaluated for flexural failure by computing flexural capacity-to-
demand ratios near the face of the pedestal and near the face of the column. The flexural
demands were computed from the compression-side pile forces listed in Table 10.2. The
footing yield and ultimate flexural capacities we,fe computed by assuming a rectangular
compressive stress distribution for the concrete (ACI 318-89, 1989). The effective width,
b, was taken as the sum of the column’s width and twice the footing’s effective depth as
recommended by Priestley et al. ( 1992). The compressive strength of the concrete was
taken as 1.5 times the speciﬁeci strength of 3600 psi and the ultimate concrete strain was
taken to be 0.005. The reinforcement properties are listed in Table 4.1,

The capacities, demandé, and C/D ratios for each footing are listed in Table 10.3.

The C/D ratios predict that the west footings will not reach their ultimate capacities, but
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they are likely to yield near the column face. In contrast, the east footings are likely to
exceed their ultimate capacities near the face of the pedestal.

Table 10.3. Footing Flexural C/D Ratios - Transverse Direction

Exterior Frame Interior Frame
Location West East West - East
Md (kip-fi) 1383 2120 1715 2352
Face of My (kip-fi) 1677 : 1107 1992 1107
Pedestal (87 121 0.52 1.16 0.47
Mu (kip-ft) 2528 1959 3008 1959
D 183 0.92 1.75 0.83
Md (kip-ft) 4171 3533 5060 3920
Face of My (kip-ft) 3276 2114 3908 2114
Column D 0.79 0.60 0.77 0.54
Mu (kip-ft) 5251 3751 6181 3751
D 1.26 1.06 1.22 0.96

10.3 SHEAR
Shear failure was evaluated in a similar manner as the flexural evaluation
Capacity-to-demand ratios were computed for both the section near the face of the
pedestal and the section near the face of the column. The shear demands were computed
with the compression-side pile forces from Table 10.2. The shear capacities were
estimated with the following equation (ACI-ASCE Committee 426, 1974):
Ve =(0.85 + 120py) /1 ¢ (be d) (10.1)
where
0.85 + 120p,, < 2.4.
The computed shear demands, capacities, and C/D ratios are listed in Table 10.4.
The C/D ratios indicate that all the footings are likely to fail in shear. All the West footings
had C/D ratios close to 0.55 at both cross-sections. The C/D ratios for the east footings

were 50 percent lower than those of the west footings, and were Jowest at the footing

cross-section.
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Table 10.4. Footing Shear C/D Ratios - Transverse Direction

Exterior Frame Interior Frame

Location West East West East
Face of Vd (kips) 692 1413 858 1568

Pedestal Ve (kips) 389 370 467 370
D 0.56 0.26 0.54 - 0.24

Face of Vd (kips) 1167 1413 1371 1568

Column V¢ (kips) 616 619 748 619
CD 0.53 0.44 0.55 0.39

10.4 COLUMN-TO-FOOTING JOINTS

The column-to-footing joints were evaluated for shear failure by computing C/D
ratios for the maximum tensile stress within the joint. The maximum tensile stress
demands were computed from the state of stress created by the vertical shear and vertical
mmpre;sive stresses from the columns’ flexural and axial forces. The tensile stress
capaéity was assumed to be 3.5,/ ¢, which is the stress at which the joint begins to
deteriorate (Priestley et al., 1992).

The footing’s vertical joint shear force generated by the column moment was taken
as the column’s ultimate moment capacity divided by its effective dépth. The joint shear
area was assumed to be the footing’s effective depth timesl its effective width. The
footing’s effective width was taken as the sum of the column width and the footings
eﬁ'ecti.\)e depth.

The joints’ vertical compressive forces were equal to the column axial forces from
the non-linear analyses, and inc;luded the effects of gravity and seismic loads. Both cases
where the seismic loads add and subtract from the gravity loads were considered in this
evaiuation. The compressive force area was assumed to be a rectangular area with side

dimensions equal to the columns’ plan dimensions plus the footings effective depth.
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The results of the joint shear evaluation, listed in Table 10.5, indicate that the

joints are vuinerable to shear failure. The maximum tensile stresses ranged from 4.3 Jfec

to 5.6/ f ¢, and the C/D ratios ranged from 0.62 to 0.81.

Table 10.5. Column-To-Footing Joint Shear C/D Ratios

Extancritamae Tniencr Frame
Wesl Easl West East
Comp. Tens. | Comp. Tens. | Lomp. | Jans. | comp. | iens.
Column AXial Force (Kips) TT70 T 330 TH0 208 TS0 220
[Effactve Jomt Area [m. sm——% §700 ) — 9430 8430 3700 3700
Comp.Suess [pa) 123 45 121 F¥ 742 3 138
-—awsl B0 57 TR0 67
AT Z1 27 L8 r3 5] F| T
i 1:" 5 T To8T 58] 2204 1961 2283
[~ “Effecuve Jomt Wid @ [in.] 975 - A 57 sﬁ ]
[ Effe ctvs JointDepth lin] 433 X! : 505 - 491 51 50.5]
Vert 1 Shear Suase [pa] bo -7/ I T 37 kLX) .y Wij 55|
|~ Max.Jt Shear Sosss [ps 39¢ 365 354 484 4312
Tomax [pw 330 343 313 L )
fmax/aqrifc) 35 a7 4.3 ry ] 5.3 5.4
70 0.78[ o7 0BT T.7 087 o._EEk TB5
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CHAPTER 11
RECOMMENDATIONS
The typical SED unit’s geometry and reinforcing details combine to make: it
vulnerable to a number of seismic failure modes. The vulnerabilities, the consequences of
failure, and possible retrofit measures for each failure mode are discussed in Section 11.1.
Section 11.2 prionitizes the failure modes based on their likelihood, consequence and cost
of suppressing them. Section 11.3 discusses and contrasts the main differences between

the typical SED and WSDOT units.

11.1 VULNERABILITIES

The results from both the ATC-6-2 procedure‘ and Priestiey et al. (1992)
procedure (UCSD) wer;.e combined to assess the seismic vulnerabilities of the typical SED
unit. Two response spectra were considered: a soft-soil response spectrum from ATC-6
with a peak ground acceleration of 0.25g, and a site-spéciﬁc response spectrum. Column
shear, anchorage, splice, joiht shear and footing failures were found to be possible failure
modes. Each of these failure modes, theif consequences of failure, and possible retrofit
ideas are discussed in the following paragraphs.

Column Shear Failure

Both assessment procedures predicted that the lower-story, interior columns were
vulnerable to shear failure. The UCSD procedure found that these columns would fail in
shear after they yield in flexure, while the ATC-6-2 procedure found that these columns
would fail in shear before they yield. In addition, the UCSD procedure found that the
lower-story, exterior columns were vulnerable m the transverse direction.

Column shear failure must be prevented because it can cause the structure to
collapse suddenly. Possible retrofits include full-height steel, fiberglass, or carbon fiber

Jackets. If the retrofit measures increase the strength of the lower-story columns enough,
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the demands in the upper-story columns could increase to the point where the upper-stox;y
columns are vulnerable to shear failure.

Anchorage Failure

The Priestley et al. (1992) procedure predicted that the tran§verse beam’s positive
moment reinforcement that is anchored into the columns may be slightly wvulnerable to
pull-out. The ATC-6-2 procedure predicted that all the lower-story beams’ and girders’
positive moment reinforcement are vulnerable to anchorage failure, but the ATC-6-2
procedure does not include the effects of confinement provided by the column
reinforcement. Therefore, the Priestley o;at al. (1992) procedure is probably more realistic.

Anchorage failure of the beams’ positive moment reinforcement could lead to a
loss of flexural strength in the beams, but would not likely lead to collapse.

Splice Failure

Lap splices were only used at locations 2 and 3 of the lower-story, interior
columns. Even though these splices are located away'from‘the column bases and the
lower-story joints, they are, unfortunately, located where the column capacities decrease
sharply and where plastic hinges are likely to form. Both assessment procedures found '
these splices to be vulnerable.

Lap splice failure can lead to decreased flexural and shear capacities of the lower-
story, interior columns and can lead to permanent structural damage or even collapse.
Fortunately, the retrofit measures for insufficient lap splices would be the same as for
column shear. The same column jackets used to prevent column shear would also prevent
lap splice failure. -

The welded splices located near mid-height of the lower-stofy columns in both the
interior and exterior bents are not likely to fail for two reasons: first, the splices are
located near the columns’ inflection points where the flexural demands are small, and

second, the splices are staggered.

112



Joint Shear Failure

All the joints of the typlcal SED unit have no shear reinforcement and were found
to be vulnerable to joint shear failure. Joint shear can lead to collapse of the structﬁre.
Possible retrofits include préstressing the joints or encasing them in carbon fiber wraps.
Although not considered in this study, the joints in the outrigger bents are likely to be
particularly vulnerable. Their vulnerability should be investigated.

Footing Failure

The footings were found to be vulnerable to shear and joint shear failures. The
consequences of footing failure may include peﬁnmeht vertical, lateral, and rotational
displacements that could render the structure unserviceable. It is unlikely that a footing
failure will result in collapse.. Retrofits for the footings would likely be expensive and

difficult to design because of the degree of soil liquefaction expected (Kramer et al,
1995).

11.2 RETROFIT PRIORITIES

A priority rating scheme similar to one used to for the evaluation of the WSDOT .
unit (Eberhard et al., 1995) is presented in this section.

For each failure mode, relative ratings ranging from 1 to 4 are assigned for the
likelihood of failure, the consequence of failure, and the cost of retrofitting. A rating of
“1” indicates that a failure mode is likely to occur, the consequence .of failure is severe,
and the cost of retrofitting is relatively low. These three ratings are considered together to
assign the retrofit priority rating. The priority ratings range from 1 to 4, with a rating of
“1” being the highest priority.

The ratings are listed in Table 11.1. The consequence and cost ratings are the
same as those used in the evaluation of the WSDOT unit. Therefore, the differences in the

- retrofit priorities between the SED and WSDOT units are due to differences in the
likelihood of failure.
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Table 11.1. Priority Ratings for Retrofit Measures

Location Failure Mode | Likelihood Consequence  Cost | Priority
Columns Flexure 4 ‘ 4 2 1
Shear 1 1 2
Joints Diagonal Tension 1 1 3. 1
: Anchorage 3 3 3
Lower-Story | Flexure 2 2 1 2
Lap Splices | Shear ? 1 1
| pile Shear 1 2 3 3
Supported Joint Shear 2 2 3
footings Anchorage - - | - N/A
Upper-Story 1 Flexure . - - N/A
Lap Splices | Shear - - -

The highest retrofit priorities for the SED unit are for joint and column shear
failures, both with priority ratings of “1." Next on the retrofit priority list are the lower-

story lap splices. Finally, footing failure is last on the priority list with a rating of 3.

11.3 COMPARISON WITH TYPICAL WSDOT UNIT _

The typical SED and WSDOT units have similar span lengths, bent widths, bent .

elevations, column sizes, and weights. Consequently, both typical units have similar mode

shapes and periods of vibration. For a response spectrum analysis using ﬁe same

| response spectrum, both typical units have similar spectral accelerations and relative drift

ratios. On the other ﬁand, the seismic vulnerabilities of each typical unit are quite

diﬁ'erent_, and these differences stem mainly from differences in reinforcement details,
matenal properties, and horizontal framing members.

The following sections ;liscuss the important differences between the two typical

units and the effects they have on each- failure mode. The order in which the failure modes

are discussed below follows the order in which they appear in Table 11.1.
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Columns

The SED columns are less vulnerable in flexure than the WSDOT columns for two
reasons. First, the SED columns have higher flexural capacities than the WSDOT
columns because they are more heavily reinforced. Second, the plastic hinges form
beam/column failure mechanisms in the SED frames that distribute the flexural yieldiqg
throughout the frames. The WSDOT frames fail with lower-story mechanisms that
concentrate the flexural deformation at the lower-story columns. '

The downside of having higher flexural capactties is that the SED unit’s lower-
story columns are more vulnerable to shear failure than those of the WSDOT unit.
Because the consequences of shear failure are so great, column retrofits for both the SED
and WSDOT units were given an overall priority rating of “1.”

Joints

The joints of both the WSDOT and SED units were found to be vulnerable to
~ shear failure, and both were assigned retrofit priority ratings of “1."’ In the transversé
direction, the joint shear stresses in the SED unit were higher than those of the WSDOT
unit. The opposite was true in the longitudinal direction. The difference occurred because |
of differences in the horizontal framing systems. The SED unit has strong transverse
beams and relatively weak longimdinal girders, while the opposite is true for the WSDOT
unit. ' o |

Lower-Story Lap Splices _

The lower-story longitudinal bars of the WSDOT unit are lap spliced to the footing
bars directly above the footings where the flexural demands are highest. These splices
were found to be vulnerable and were assigned a retrofit priority of “1” for the WSDOT
section (Eberhard et al., 1995). In contrast, the lower-story column bars of the SED unit
are spliced at locations 2 and 3 in the interior columns only (Chapter 8). These splice
locations are away from the footings and the highest flexural demands. In addition, only

two-thirds of the longitudinal bars are lap spliced at each location. Unfortunately, the
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splices are located where the column capacities drop signiﬁc?.ntly and where plastic hinges
are likely to form. These splices weré also found to be vulnerable, but they are less likeiy
to fail than the lower-story lap spiices of the WSDOT unit. Consequently, the SED unit
splices were assigned a retrofit priority of “2.”

Footings

The footings of the SED and WSDOT units differ in appearance; the SED
footings have a pedestal while the WSDOT footings have a uniform thickness. Both are
reinforced with a bottom mat of steel only. Both footings were found to be vulnerable to
shear failure, and both column-to-footing joints were found to be vuinerable to joint shear
* failure.

The most important difference between the SED and WSDOT footings is the
anchorage of the vertical column reinforcement into the footings. The WSDOT column
bars are hooked outward into the footings and are vulnerable to anchorage failure. The
SED column bars are welded to “grillages” that are embedded into the footings. Although
the effectiveness of the “grillages” was not evaluated, they provide more anchorage than |
an outwardly hooked bar. |

Upper-Story Lap Sp‘ lices

The WSDOT unit’s upper-story column reinforcement is lap spliced directly above
the lower-story deck. Even though the likelihood of failure is small, the consequences of
failure are severe enough to warrant a retrofit priority rating of “2.” |

In contrast, there are no lap splices in the SED unit’s upper-story columns. Some
 bars are spliced with v}elds, but they are locateﬂ at the columns’ inflection points were the

force demands are lilely to be small. These splices are not likely to fail.
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Appendix A
Structural Drawings of Typical SED Unit



oEox € FLEV. n..SJ

704"

GENERAL PLAN FOR BENT NO. 109 TO BENT NO. 112

[_]L._

—

B-___ T

BENT NO. 112

STA 95+85.50

T T T T

T e

s s 1L 1L

pls il

oecx € ELEV. 3R00
A

T i T T

/s 1l i 1

GAOUND ELEV. Pml/

- ELEV. Q.00
.,* ELEv. -3.00 ./ . £
¥ DATUM BN _
NATL GECECL VEAT. -
¥ ”.“!. Deugn fngr 1ATE [FiD_ a0 #R0J_nOT USTRE | KNAFBE L FEBVIATOUT FEB. 1
avor
L o WA SH
NUN R

B [8ruge Fromers Enge

DAIE TN

Washington State

ELEV. -2.00 N :

‘\ Dspartment of Transporiation

CITY OF SEATTLE
ALASKAN WAY VIADUCT

GENERAL PLAN AND PROFILE

BENT 109 TQ BENT 112

Frowm #an i
. oz wert




]

A B A BESEAEREEREEEANEREENEENEESEEERESR

PER TR
@ YT T o & viuer pceer
= - BTAUGERED RAMIVERSE
GENTER STAMER Yot 01 I FREINF, STEEL AF INDICATED
§ Iwm, At = 270" BOT] YA, AT, | OF CENTER SPaN
[X-"F--" INTERMEDIATE INTERMEDIATE § Iremscire i 4 %p g § TERMEOIATE INTERMECIATE
. LR A A R0 FLOOR i ” r 1 ALoon T foce peaw
- Sy oty s e il S L 3 il T et gttt =ittt _
- e T e i  m m — ————————_— e —— ] 1
& i B s -
i T i |
T T
o i 1 _ ' i1 .g
5 Wi e wéoa0s TP | * x 4T 1
WMM. (e 3 ___ o ol % o ___ g
- ! 1 1l
§ ! 1] R
x |1 [ L
T
A i
+ T T T Ty
R I T NI
h i
L HEY! ']
Niliay i i
5 P 1 W oo
@ e | 111 " e 2w o
o i ! ) &
X ,
+ T T

- T
[
1

We x WL

P

Z s
) _Ez
¥
i
3 i
\—; 1
i
=

i ._..|.uc- "o

Ye o W CTRE

gl
b n

Ha

]

Y
_ _;_J:_
?\
=

,../

e E i FL -2

o« FRIET (TYR)

]

[™— oonam, 7.

SECTINGDY,

M
e

SECTION mm w

T srare

oA o) wo| e

1 [wAsH

® B

IO NnALE

DATE REVIION ¥ [ Arro

)

SECTION

USERE | KNAFBEY  FG1 1084 FEB: 1 71 MY 95 .....u.o._...
CITY OF SEATTLE
. el
q Washington State ALASKAN WAY VIADUCT ol
./ ‘ Deparitment of Tranaporiation .
FRAMING PLAN -
g




r_3

WL

W__ K8 &0

*Iz« L 4!5 "w @ Aw SV ABT. m 2
a v I
] O e o @ = T e |
- TR T, ITYP)
o~ 2= 2 no EE L . . .
224 oM 7l r v 2~ oo I~ 2ty T
s - gy TS 7 A I T O O v M i
7 N Pk vl '
ﬂr % 7 [— p ]
E 1
i 7= i 1 e 2n b sm I
1S - - e
F) u‘:lL ‘_lu.I ﬁ.q-u‘ " 15 7504 L I
J s o OUIERX g INGrof - T ] = L
) HpU-ngap il acl e (-0 WA e o ey {20 % (4 r-z Hin o g H Yib W ges 8 T2 PR FYRINE BN Iy 2 ol WP e d
S 8 L] \ﬂ-bh o Bt o W dPA e |l ] IR d g
o F 3 P

SECTION

¥

SECTION /O

SECTION /AN

=4

=

Um.;:nmm w

-

N
rnm “ "..H iTALTED

m.mﬂdOmew

+ o m
e ar o, i

SECTIO) mmw

cioge Gewgn Engr

WEONT LT [fen A FRo) mo | [ e -
Luparvikar
0 |WASH
JON M

AiEnitesi spw it

DATE

REVIZION

AR D

Bt e
iTya)

el
sr(]

3

5 —
SECTION @

% menr

TR 1ROk AE] FEILTORE FCd 1 X

QI... washington State
L/ Department of Transporiation

CITY OF SEATTLE
ALASKAN WAY VIADUCT

. %msgi

FAAMING DETAILS




Caaw
q EYASL ADT. ﬂsgs..q @ * oL . *!E
_ FE] e ¥ | -1 ! .
'

. iy — 1 N e )
1 D e [ sa _
P ) ' ! | 7ug - ,
.ﬂmm muh,_hl ~ |||W||\\hﬁl\ llllllllll 1_ ||||||||||| S y i oETAL D —] _.m sENT
& . d
\1 \ ! _%r —— L’I;. gv o m Fm. dinblum__ * 8r-g*
_ /ho?s«n. JOINT cFvel mn_..\_wnuwﬂ“. LEPy—— ,_. SMI/ $n_H_ fot
. o . -] A . 1l « gr-g-
Eat7y I F-2% U~ 3 @ g FEl Holl- a gor p ¢_ |4 m.c_-
T = ¥ L S ﬁ ' b THo x ér-o
] p p , _ w| ] ’
24 u m —
_
|
_

]

X
HE ]
O 4
g
2

T
[TANES

1%¢ x 8r-8" .
%8 4 or-o" *

4 x s %
- ) wm,n:OmeW

|
e
0]
g
g
—
I?,
H
{1
x
%
i

-9y’
1
1
1
L
]
f=1]
i
I
sl
=
1
1
I |
I
|
o
-
o,
]
= 1
]
1
-1 |
i
t
I
1
!
1
1 1
I i
1
1
:':7,:
sy
i
i
P —
g
5

wo [N or wn v 707 o prr
mﬂ--n-r—r-rﬁr

LR FEFNS ]

B

CETAL @

Fis .
IHJ?-T F o )

4. T vln%n.ln
_
|
_
!
|
ﬁ
|
_

l
£V e agee e, e
&/ T B | FUL TEIRE STRENATH
_ oF REINFORC]H
IE ] @ -
o |
| S BN i ]
I L W = R v R A
. C r+4
P TYPICAL END BENT e ||__ SIDE ELEVATION
TE [ MAIE Kb AD oy il KHAEDET RO [FOB)( 1094 FO8. | 22-Ka>- 95 Pt
10 Jwas - CITY OF SEATTLE P
-~ QI Washington State ALASKAN WAY VIADUCT i
4\ Department of Transportation |
DA TE BEVISION BY| APPD mzb mm.zu_um )
BENTS 109 & t12 ey




%

_
— 1%# © 390" %ﬂ ‘o FILET T — - —F ] i W mpe .. s ,
. e CONSTRUCTION JJP" o ) 0w - =+ ¥ _v ._
i T e ) JOINT [TvRl , 5 e N - 0" R 4.5PA ® 36" 2 10" 4o
2 1w x 28" 1 N i 24 [ o
@ b3 - el i I | |
E CONSTAUCTION - ] T | . I . T -
Hoan) SR b Y T T e
NI o”... 2 o g s i g i .Wr; — i.!fﬁ - _ s..ITwlu —
, s0-8* s , ] T
rhm [ g 2R |~ _ 2% « so-0 W | ky > i Tt 1 t T .
T ol e . ! Ko YRS . I I IO I AT T ] & .
_ e P I o LR 18 I EHEE LHI ey
1 lr-aty § T N B f— b gy _ A : | El
! ;B “—t-H o — A 3 T _ T
SECTION /A Sromat yuates 3 T UiES s
Y, FROM 5'-4%° TO 3 3 S A | o e S S e e
58l TO 6-a%" 1 . ; | i | ] J
: b —t a7 I T T I 1 JUL-
§ senT t.a_ sEnT I— I b & | ] ! i 1
= e _ : 0 5 4 F-g" W 1-e"
233 ﬁm ; et ] o ¥ . s
-1 — 1 - —
a ™ %p x 326" -0 FHIET * r
blg .. reo~ FILLET | COMSTRUGTION b H
g ngmﬂncn:& [Py M JOINT (rves o g _ P SECTION /RN
g Jomr (M) , > bl . ¥ i (g cone. press N4/
o WEST FOOTING - END BENT
St 7-gw | o0 |z
2% x 696" 2 x s0a R0
A, 14!
et R SECTION
SECTION TS =D , taseis e
EAS - oo
€ BENT
" ¥~ an@l
j» [/ EEV. 150 _ “ ‘
oo B I R E—
" 1y _ ‘ I Mj
Qu..u._ Wl oo D J .4 =) N .H
mrll N ..... NU &) ELEV. -3.06 ._..li:: . ) J_. o
T — - [enll N N T
T GIA. . f
B L 15 7
- 14 (TYP)
[P 0'-0"
SECTION @ SECTION
- -
ol TN TR TR el B USERE | KNAEBEL . FORIT 10942, FGB. 1 27-1ar 95 i
CITY OF SEATTLE __..w
10 |wask Sl
QI Washington State ALASKAN WAY VIADUCT s
IOU FabeT .‘

BEVIWON

ARFD

Department of Tranaporiation

END BENT DETAILS

it




-]

.

SHET

L0

§ coxiser @ | § couam § oo
w ﬁ.H-l—IEA{n. Lﬁ oo |_m MO @ - u‘N * lelnz.._-“‘u 2 L_ L ﬂ BENT
3 u_ m /_un.r‘ o prez- H N H
ML ek ||=..|1,L: l.pﬁhr\ ||||||||| ,.._ |/. . ' \ Qmﬂ.__l _ \n“mmz:m
J s PERTCAS SR Sy ARSI ¥ PR, B L 2 \\78;;&;3., e o —JHT WITH e
S E .l 7 T H » 107 Oy
ik || | e _ i g _ J
b == e H- w-w— | L &
1 _ L L IR RN \4— & ﬂ? - PTG E
e . . 5 ! % 1
_ a0 FEl raw p Jﬁh . .rq-._w_. e . I _ |M _
. _ | _ _
3 H e . |ﬂ_. v
k _ _ _ ﬁ § anr
i | M i _
| w I B
. _, _ . | {7 FEn
P g ﬂ L ! : ﬂw |
=7 “.mw _ 28 x 4
3 N 3 I 586 14 o] 28 x
H 6 Ny ] - - Brs
_ i 11111 SECTION
' m an L 4 M
A a0 L
space | | d & i~
| ¥ Cp-CN \W; A
. | -1 |
_ _ V o
. @ m 4 am _ - g,
I £.2a1a T TYRY
: | | | |
e m ' 1~ s k
ELE"] A TR [
_ DETAIL (@ _ @ u_“_ v
_ | LR S1iE Y
_ - <Lk A
| garsm. = il —
@ Ty WL e B i1 b
_ | HH o
, - @ [ BRSO AR
M ] ._I; _ _ / OF AEIFOROING m_u
Y . |
N N N 1 P e [ T FRN N v vl S
d = e e v T Mo T
! o P |
f TYPICAL INTERIOR BENT = SIDE ELEVATION
b e Dang tagr il IETEXT T u\n.: e TR [RATAEL FE0IZ 1078 72D T T Teaer
10 frensr - . LTy OF SEATILE pS
T NG Washington State ASKAN WAY VIADUCT
o N ‘u‘ Depariment of Transportation
: TNTERTON BENT o
LENACIT S eronn DATE Srvmon Wi BENTS 110 & 1 P




7.

-L-n-b-i.t-lilil.l-I-I-t-.r.r.r.r.r‘l‘

= e ST

¢ coumn
|
- 1ec o ;
= " Q @
§ BenT H m T 7 . w.
_ . m | T L JCaaen S . L/ HCR ) J S ._
w8 x Ir-o- 3 Tl LT S iy
J.,/_ .— | b b ¥ _.\_3 2 SPA e T-E" = 1d'-g" | ragr
T ] s | . | | | .
e e ] o st =R S N NN R AR
& CONSTAUGTION b AR S 2 Y Y
sgrerion g R E s b R Senaraen (UMM Ged
- = b -4 t =) w_ , ™ T T 7 ”n_-
e T | 8 e || C
28 x 3o 2 Q e ke N S N g
2 x 506" 2 x 50y W. o @ —] o 4 M " H === ,!m- e I M — m
[ MM M~ H ! I >
- e . L Ule & i £y | | I 1
A..v.v F HA..ill Hpt el . B3 8 .nL_- = ...im. : llmll [ I T
SECTION mm0ﬂ~0|@2 wl 2 - {3 — ht bl T ! i
i’ - m T ._. Eace ’ 1 _ =177 * T % . b
us.».? ¥ sent i St l_. A
w ozt b e 30— | 3 i — J 3 i RN : l
L Ny B i B i _— N _ m i i i
2pc b | - 3 1 ._‘ ) 53-8 06" 38"
. E e L o] —t 17-g°
r o FEr ! 107 FILET T %
vy L H al
d U T g s L : b
g ar Gn ke . f - ¥ SECTION
148 x 158 T oG,
EL T | esT R GoTive - inTERTOR senT
o PO ol ¥ 508" u
N _lh.m e i e e € sent
SECTION /@ SECTION mHm. w R oo 20
6/ |
A
_
, b
e, 40 _ i _ Tl g .
M ~| b g i A i, 10D N
. n T - T
3 tafc__o, 1 llm& Wo® 5] [ Lm LJ F\O_N L
& by [y, 00 & i by
r [ D.F—lQ _ _ 17-0*
Py SECTION m _.m w
MWO.__.HOZm W W
ll -
ool IESTN (T YIITY i B USERE | KWAEBET EGI 10763 76, | 22T 75 dert
CITY OF SEATTLE >
o — Stat ALASKAN WAY VIADUCT 7
Washington State Sart
T ‘N\ Department of Transportation
- — i - INTERIOR BENT DETAILS




8

LA

S

SvMM. 487 & oF cENTER

F___ABA

_ P
2 - ,Jh»m_%m.%;.hhz CURA) |
BENT LWR GIADER ONLY
m senT @ m @ 7 - 1 X 348" (IN CURE) ‘
_ 1~ 1 HOOKED 45 SHOWN [N, _ i \._.En QIRDER OrLY :
56 a0 ro i 5-g" feic _
a-g" _.LHJMQ_U T W BENT | o g [ i L \ Enp J ~ 1 BENT JT I X s (v ouRey _
- —— a— A —ewp 2 ~ B 3 |
- 2~ (. - h
2" e — +—  Ei— |
= —————— ]
P T /A, —7 — S gt
. CONSTRUGTION JOINT (TYP) &1~ 1P x 428" 2~ 1y g - ~ 1~ 1P (INSIOE 2~ 1B 310
Rem | . PR Toowswe” " T ol T N B T e N s LB
9" - g [
E 2 ~ 1§ [OUTSIoE) - e 2~ 1 x qr-p
3 nm.ﬂ_ ® 1/\\ k ) . 2~ 1y 506 2ol e mm.r.
. . - 2~ 1y g L
N 3 L a:-.u W {OUTSIOE (INSIDE) i
nl — e N S— e
T — i :
OW.._.Y a_.un. (m - O r . L i
Tl 1OUTSIOE )
o) 158 | H -z L |
wlzo o YPll ~ 17 oA » 30" - G1-" :% alo- Lyt bpll « 21 94 o 320" = g3
o | g
F 5810 - 70'-4
ELCVATION
UPPER EXTERIOA (.ONGITUDINAL GIRCER SHOWN.
LOWER EXTERIOR LOWGITULINAL GIRGER SIMILAR EXCEPT AS NOTED.
1B 1 42~ HOOKED W x w10 r_m
\AIJ __
m.cﬂmﬂ o7, —
G N .
g0 FILET o o 107 FILET
Y
o el I
o ox 25-0r 1.4
W dror i d'oc.
W ox agor - -« Ga-gn
W X 581" HOOKED M - 1 ox ser-10"
N Ty
SECTION mmOdDmemw mm0ﬂ~02mm W
- -~
.m.,lamuln-..? Eope ] #1a%i Jiko Ao mros o T X LSERE AMALBEL. FOOL 109¢ FGB. ) 22.M¥ 95 et
- -
¥ |wAsH Py CITY OF SEATTLE 8
S qﬂ Washington State ALASKAN WAY VIADUCT s
™ L/ \ Department of Transportation »
S S tpaget Tt T IR EXTEARIOR LONGITUDINAL QIRDER |




Appendix B
Calculations of ATC-6-2 Flexural C/D Ratios



Table B.1. Column Flexural C/D Ratios (Transverse Direction)

Seismic  Seismic  Gravity Gravity Total Total Moment  Capacity
Force Force Force
Kip-#t Kips Kip-ft Kips Kip-ft Kips Kip-ft

1 3289 240 83 343 3372 583 3170 0.94
3206 0: 2540 0.92 |
2 2377 240 48 337 2425 577 2640 1.09
. 2329 97 2280 0.98
3 1735 240 108 310 843 550 2620 1.42]
1627 70 2270 1.4

4 2526 240 139 304 2665 544 3140 (KT
2387 64 530 1.2

5 633 79 465 61 1098 240 980 271
_ 168 82 2040 17.50
3 285 79 267 158 582 237 2360 4.05
12 79 2280 N/A

7 770 79 218 148 988 227 2350 2.6
- _ . 52 69 2980 217

8 1315 79 491 142 1810 221 670 1.64
X 828 63 930 3.54

1 7705 550 270 953 7975 150: 8050 10

: 7435 407 6800 0.5
2 3847 E50 3 933 3012 1487 4140 1.06
3782 381 2140 0.83
3 2250 550 259 901 2508 145 4100 163
1991 351 3070 54

r 5800 550 a5t 883 6251 1433 7110 14
5345 337 6010 12
3 996 146 1389 461 2385 607 6200 260
-393 315 6000 WA
[ 462 146 975 455 1437 601 4630 322
513 309 4460 NA

7 1637 146 666 433 2303 4610 2.00
: g7 17 4450 4,58
8 2665 | 146 1487 423 4152 569 6170 1.49
1178 277 5980 5.08




Table B.2. Column Flexural C/D Ratios (Longitudinal Direction)

Seismic Seismic Gravity Gravity Total Total Moment i
Moment Axial Moment Aodal Moment Auxial Capacity Demand
Force Force Force
Location Kip-tt Kips Kip-t Kips Kip-ft Kips Kip-#t

1 1133 149 N 343 1164 492 440 1.24

Exterior 1102 154 350 1.23

Columns 2 790 149 13 337 208 486 1350 67
7727 184 70 52 |

3 750 143 40 310 790 45¢ 340 1.70

710 16 1160 1.63
4 1028 148 52 304 1080 452 430 .32 |

976 15 330 .36

5 936 57 162 161 1098 21 330 1.21

774 104 1280 65

6 603 57 106 158 708 215 1150 62

49 101 1100 2 21

7 394 57 67 148 1. 451 205 1150 2,49

327 91 1100 3.3

8 904 57 158 142 1063 199 1330 125

745 85 12 1.72

1 8926 13 29 953 8855 966 7240 0.81

Interior 8897 540 7220 - 0.81
Columns 2 4469 13 9 933 4478 046 | - 3620 0.81 |

- 4460 920 3600 0.81

3 2582 13 21 901 2603 914 3590 38

2561 ags 3570 .39

4 6658 13 39 883 6737 896 8430 0.95

6659 870 65400 0.96

3 645 7 82 4851 727 468 6000 8.25

563 454 8000 0.66
[3 188 7 57 455 245 462 4500 8.37 |

31 448 4500 34.35

7 1828 7 43 433 871 440 4500 41

1785 426 4500 52

8 2761 7 93 423 854 430 6000 2.10

668 418 5000 2.25




Table B.3. Beam and Girder Flexural C/D Ratios

Setsmic Gravity Total Moment Capacity/
Member Deck Location Moment Moment Moment Capacity Demand
Kip-ft Kip-it Kip-ft Kip-ft
at Ext Col + 2132 -234 1898 1520 0.80
Bottom - -2366 -1725 0.73
Exterior at Int Col + 4085 -750 3345 760 0.23
Girder - -4845 -3300 0.68
at Ext Col + 117 -222 885 1520 1.70
Top - -1339 -1725 1.29 |
at int Col * 1506 -745 761 760 1.00
- 2251 -3100 1.38
Cross- Bottom  |at Ext Col + 3782 490 3292 2600 0.78
Beam - 4272 3800 0.89 |
£xt Frame Top at Ext Col + 1495 -458 1037 2600 2.51
- -1953 4200 215}
Cross- Bottom {atInt Col + 7888 -1823 6365 5000 0.79
Beam - 9411 -7300 0.78
int Frame Top  |Atint Col + 2848 -1429 1419 5000 352
- 4277 -7300 1.71







Appendix C
Calculations of ATC-6-2 C/D Ratios for All Failure Modes
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